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6.1 Introduction

Several seismic analysis procedures are currently available for the designer, varying
their complexity, accuracy and computational cost. Addressing the magnitude of
the errors which may be introduced by the selected integration scheme, and where
they come from, is paramount in order to ascertain the degree of reliability of the
results. This valuable information will assist in the selection of the optimum analysis
strategy, based on the seismic risk and the importance of the structure.

This chapter includes a thorough review of the current practice in analysis
methodologies, applied both to the elastic and inelastic seismic responses of the
studied cable-stayed bridges, establishing the level of errors introduced in each case
and proposing a new pushover procedure, appropriate for the nonlinear seismic be-
haviour of three-directionally excited structures with strong modal couplings.

The response of a structure under ground motion excitations is presented from
a mathematical point of view in section 6.2. The rest of the chapter deals with dif-
ferent procedures to face this problem and their inherent errors or implementation
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particularities; section 6.3 simpli�es the picture by considering the elastic properties
of the materials throughout the structural response, detailing both spectral, modal
dynamics and direct response history analysis; section 6.4 addresses the full non-
linear problem, contrasting the results given by normative and advanced pushover
strategies with the reference solution obtained by means of nonlinear response his-
tory analysis, and proposing new methodologies adapted for cable-stayed bridges.
The chapter is closed with the main conclusions in section 6.5.

All the procedures employed in this section start from the deformed con�guration
due to the self-weight of the structure (see chapter 3 for more details).

6.2 Mathematical approach: the system of dynamics

The coupled system of di�erential equations, which governs the dynamic response
of a structure subjected to an earthquake excitation, was already introduced in
section 2.2.3. Here, it is extended for convenience to a 6N -degree of freedom model;
composed of N nodes with 6 degrees of freedom each (three displacements and three
rotations). The system of dynamics is obtained by establishing the d'Alembert
balance of forces (including inertia, damping and deformation-related forces):

mü + cu̇ + fS(u, u̇) = −mιüg (6.1)

Where u(t) [6N × 1] is the relative displacement vector, m and c [6N × 6N ] are
respectively the mass and damping matrices of the structure, whereas fS relates the
force and displacement vectors. Finally, ι [6N×3] is the in�uence matrix connecting
the degrees of freedom of the structure and imposed accelerogram directions üg(t),
which generally, and neglecting the foundation rotations (section 5.2), is a vector
with three components üTg (t) = (üXg , ü

Y
g , ü

Z
g ), where üjg is the ground acceleration

in j-direction (j = X,Y, Z, see �gure 5.2 for the description of the axis system and
accelerogram components). The multiple support seismic excitation is not consid-
ered (section 3.6) and hence the accelerograms are assumed equal along the supports
of the bridge.

The e�ect of seismic devices is not taken into account in expression 6.1 nor in
the rest of the present chapter, the interested reader is referred to chapter 9.

6.3 Elastic analysis

If it is assumed that the structure behaves in the linear elastic range during the
seismic response; fS = ku in expression (6.1), being k the elastic sti�ness matrix of
the structure, leading to the following traditional form of the system of dynamics:

mü + cu̇ + ku = −mιüg (6.2)

Since the simpli�ed deck-tower connection prevents contacts and no seismic de-
vices are considered in this chapter, providing that the materials remain in the
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elastic range, the response is completely linear1. Di�erent strategies to address the
solution of this system of equations are presented below.

6.3.1 Direct Response History Analysis: DRHA

Direct Response History Analysis (DRHA) is equivalent to nonlinear dynamics (NL-
RHA) (section 2.2.3) in elastic analysis; it is based on the direct integration of the
coupled system of dynamics with linearized sti�ness matrix (expression (6.2)) em-
ploying step-by-step numerical integration schemes. The most important advantage
of NL-RHA, the accurate consideration of the full nonlinear problem, is largely lost
in this case since no material nonlinearities are present. Nonetheless, many other
sources of nonlinear behaviour may be considered even in the elastic range and are
captured in a precise way with this procedure, i.e. non-classical damping (for exam-
ple in structures with general viscous dampers), geometric nonlinearity, contacts,
radiation of energy at the foundations, among others.

There are several implicit step-by-step time-integration algorithms available to
resolve the system of dynamics, but all of them introduce phase errors which are
increased if the vibration period considered is reduced, or if the step-time is in-
creased2 (see �gure 2.4 in section 2.2.3). The practical highest frequency of interest
in the proposed cable-stayed bridges is 20 Hz (section 5.4.4) and the step-time has
been considered ∆t = 0.01 s after an optimization study, which implies that the the
phase error is approximately 100 % in these higher modes after 10 s of earthquake
excitation (precisely when the peak response is typically recorded3), which is no-
ticed in the errors of direct dynamic analysis (section 6.3.5). The phase error has
been proved to be more important in terms of accelerations and velocities than con-
sidering displacements, the bene�cial e�ect of the damping has been also observed
elsewhere [Abaqus 2010].

The broadly accepted integration algorithm proposed by Hilber, Hughes and
Taylor (HHT) [Hilber 1977] is employed in this thesis because of its valuable ability
to dampen the higher order vibrations, which may cause numerical instabilities and
have small contributions in the global response. The HHT operator replaces the
actual equilibrium equation (expression (6.2)) with a balance of inertial forces at
the end of the time step and a weighted average of the static forces at the beginning
and at the end of the time step:

1Strictly speaking, in this section the response is elastic, but the linearity is lost due to geometric
second order e�ects, that are always included in the analysis. However, this source of nonlinearity
was observed to be small for the studied bridges, and the procedures based on modal decomposition
linearize the sti�ness matrix prior to the extraction of modal properties and the seismic analysis.
Consequently, the response could be considered linear and elastic if material nonlinearities are not
recorded.

2According to Abaqus user's manual [Abaqus 2010], a step-time lower than 10−5 s is required to
achieve less than 5 % phase error in a sti� response of 62 Hz after 10 seconds of dynamic response.

3Usually, the peak seismic response is recorded around t = 10 s, due to the modulating function
employed in the accelerograms (�gure 5.3).
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mü|t+∆t + (1 + αa)
(
cu̇|t+∆t + ku|t+∆t

)
− αa (cu̇|t + ku|t) = F|t̃ (6.3)

F is the force vector and αa the parameter controlling the arti�cial numerical
damping introduced by HHT. Symbols ·|t and ·|t+∆t mark the beginning and the
end of the step, whereas ·|t̃ is evaluated somewhere between those points, depending
on the numerical damping; t̃ = t+ (1 + αa)∆t, where ∆t is the time-step.

The operator de�nition is completed by the Newmark's formulae for displace-
ment and velocity integrations:

u|t+∆t = u|t + ∆t u̇|t +
∆t2

2

[
(1− 2βa) ü|t + 2βa ü|t+∆t

]
(6.4a)

u̇|t+∆t = u̇|t + ∆t
[
(1− γa) ü|t + γa ü|t+∆t

]
(6.4b)

HHT is an implicit single-step, second-order accurate algorithm which is uncon-
ditionally stable in linear analysis if the parameters αa, βa and γa satisfy:

βa =
1

4
(1− αa)2 ; γa =

1

2
− αa; −

1

3
≤ αa ≤ 0 (6.5)

Considering αa = 0, the procedure reduces to the trapezoidal rule and the
maximum accuracy is theoretically achieved, since excessive damping of important
higher modes is avoided and the phase error is minimized (see �gure 2.4). Speci�c
sensitivity analysis conducted in one of the proposed cable-stayed bridges4 have
concluded that the numerical damping factor has a small in�uence on the extreme
seismic response, and it was observed that eliminating this arti�cial dissipation the
convergence is achieved with the same agility as including non-zero values. However,
Abaqus [Abaqus 2010] suggests αa = −0.05 in linear and nonlinear analysis, and
this value was selected for all the applicable analyses hereinafter (in direct dynamics,
DRHA, and its extension in the nonlinear range, NL-RHA).

The main drawback of this procedure is undoubtedly the large computational
cost. Taking into account that no contact is simulated with the simpli�ed connection
between the deck and the towers (section 3.2.3) and that seismic devices are not
considered in this chapter, direct dynamic analysis seems hardly justi�able if the
material response is maintained completely elastic. However, this procedure has
been considered in the present section in order to verify its accuracy and to validate
its use in subsequent inelastic analyses.

As it was stated in chapter 5, constant damping is not possible in direct dynam-
ics. Rayleigh damping with the parameters a0 = 7.48 · 10−2 and a1 = 6.32 · 10−4

(section 5.4.4) has been considered in this methodology, whereas the synthetic ac-
celerograms obtained with the same damping dependence on the frequency (section
5.4.4) are employed in direct analysis (DRHA and NL-RHA).

4`H'-shaped towers with LP = 200 m on rocky soil.
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6.3.2 Modal Response History Analysis: MRHA

An e�cient way to solve the system of dynamics consists in decoupling expression
(6.2) by means of the modal transformation, expanding the displacement vector in
terms of modal contributions:

u (t) =

6N∑
i=1

φiqi (t) (6.6)

Where φi [6N × 1] is a vector with the normalized displacements of each degree
of freedom associated with the i-mode, qi(t) being its generalized coordinate. φi is
obtained from the real eigenvalue problem5:

kφi = ω2
imφi (6.7)

Substituting expression (6.6) in (6.2), and pre-multiplying each term by φTn gives:

6N∑
i=1

(
φTnmφiq̈i (t)

)
+

6N∑
i=1

(
φTncφiq̇i (t)

)
+

6N∑
i=1

(
φTnkφiqi (t)

)
= −φTnmιüg (t) (6.8)

It could be demonstrated that both the mass matrix (m) and the linear sti�ness
matrix (k) are orthogonal with respect to the eigenvectors φi (i = 1, · · · , 6N) of the
structure. If, in addition, the damping is constant for all the vibration modes, or if it
is represented by Rayleigh or Caughey distributions, a classical6 damping matrix is
obtained, which is also orthogonal to the eigenvectors [Chopra 2007] [Clough 1993].
Because of these orthogonality properties, all the terms in each summation vanish
except the i = n components. Therefore, if linear elastic behaviour and classical
damping is assumed7, the system of dynamics may be simpli�ed up to its transfor-
mation in 6N independent SDOF di�erential equations, each one representing the
dynamic response of a mass-spring-damper system with frequency ωn and damping
factor ξn, coincident with the values of the corresponding nth vibration mode.

Mnq̈n (t) + Cnq̇n (t) +Knqn (t) = −φTnmιüg (t) (6.9)

Where Mn, Cn and Kn are respectively scalars de�ning the generalized modal
mass, damping and sti�ness of the SDOF associated with the n-mode.

The right part of expression (6.9) represents the e�ective seismic force associated
with the nth mode, which is applied to the corresponding SDOF. Such force may be
expressed in terms of its spatial distribution along the structure, de�ned by s = mι

5Damping is ignored in the extraction of vibration modes.
6If dampers are incorporated (chapter 9), the damping matrix is no longer classical, leading

to a non-diagonal matrix which is not generally orthogonal [Chopra 2007]. Nonetheless, modal
analysis may still be employed if the seismic devices are linear viscoelastic or viscous �uid dampers,
employing in this case complex mode shapes [Villaverde 2009].

7Geometric nonlinearities are included in the static step prior to the extraction of modal prop-
erties and the modal dynamic analysis, where the sti�ness matrix is linearized.



134 Chapter 6. Seismic analysis

(independent of time), and in terms of its dependence with the time by means of the
accelerogram. The seismic excitation is generally a vector with three components,
however, since the behaviour is completely linear, the response may be studied
separately in each component, and combined afterwards to obtain the total response.
Therefore, hereinafter in this paragraph, only one component of the accelerogram
is considered üg(t), and consequently üg(t) = üg and ι = 1 in expression (6.1) (the
generalization of the mathematical background for three-directional excitations is
included in section 6.4).

Expanding the spatial distribution of the seismic excitation in the base of eigen-
vectors which represent the vibration modes:

s = mι =

6N∑
i=1

si =

6N∑
i=1

Γimφi (6.10)

Pre-multiplying both sides by φTn and considering again the orthogonality of the
mass matrix, the modal participation factors Γn are obtained:

Γn =
φTnmι

φTnmφn
=
φTnmι

Mn
(6.11)

Substituting expression (6.10) in equation (6.9) and dividing by Mn:

q̈n (t) + 2ξnωnq̇n (t) + ω2
nqn (t) = −Γnüg (t) (6.12)

If we consider the change of variable:

qn(t) = ΓnDn(t) (6.13)

Introducing this new variable in equation (6.12) yields the classical expression
of a SDOF with an accelerogram imposed at the base:

D̈n (t) + 2ξnωnḊn (t) + ω2
nDn (t) = −üg (t) (6.14)

The response of each one of the 6N di�erential equations is integrated by means
of numerical step-by-step procedures8 to obtain qn(t). Once these values are known,
the contribution of the nth mode to the relative displacements of the structure is
obtained by reversing the change of variable:

un (t) = φnqn (t) = φnΓnDn (t) (6.15)

The nth mode contribution to the response of the structure in time-domain may
be obtained by assuming that an equivalent force vector (fn (t)) is applied, and
varied, in order to maintain the deformation at every instant.

fn (t) = kun (t) = kφnΓnDn (t) (6.16)

8For example the interpolation of the excitation or Newmark's methods [Chopra 2007].
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Now, taking into account the eigenvalue problem (6.7), the expression (6.16) is
simpli�ed:

fn (t) = ω2
n Γnmφn︸ ︷︷ ︸

sn

Dn (t) = sn
[
ω2
nDn (t)

]︸ ︷︷ ︸
an

(t) = snan(t) (6.17)

Generalizing the expression above, any element of the modal response (forces,
displacements, etc.), rn(t), may be obtained as the product of two factors; (i) the
structural response when the spatial distribution of the seismic force (sn) is statically
applied (modal static response, rstn ); and (ii) the pseudo-acceleration recorded in
time domain for the n-mode SDOF system subjected to the earthquake, an(t):

rn (t) = rstn an (t) (6.18)

Finally, the total response of the structure for the studied accelerogram compo-
nent (üjg, where j = X,Y or Z) is obtained by aggregating directly the individual
modal contributions during the earthquake:

rn (t) =
6N∑
n=1

rn (t) =
6N∑
n=1

rstn an (t) (6.19)

The generic structure with 6N degrees of freedom has consequently 6N vibration
modes. Nevertheless, only the �rst modes have a signi�cant contribution in the
global response and, therefore, the analysis may be conducted considering just the
�rst J vibration modes (J < 6N), truncating the summation and obtaining:

rn (t) ≈
J∑
n=1

rn (t) =
J∑
n=1

rstn an (t) (6.20)

It is neither reasonable nor interesting to include all the vibration modes; the
modal contribution of higher-order modes was studied in chapter 4, whereas the
higher interesting frequency was discussed in some detail along chapter 5. From the
analysis point of view, unacceptably small time steps should be imposed to avoid
the �ltration of signals with very high frequencies, furthermore, very small elements
need to be employed in the FEM discretization to accurately represent the mode
shape of these complex modes (they have many points with zero displacements).
Without losing sight of the negligible contribution for extremely high-order modes
(Γn is very reduced), removing them from the calculation is advisable. However,
a more restrictive condition than the one imposed by Eurocode 8 [EC8 2005a] is
considered in modal dynamic analysis conducted here; the frequency of the last
mode included is flim = 35 Hz.

If the structure is three-axially excited, the responses obtained by considering
each accelerogram component separately are directly aggregated in time domain to
obtain the total response.

Modal dynamic analysis (MRHA) is far less computationally expensive than
direct integration (DRHA) introduced above since J independent static analyses
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are performed (to obtain rstn ), besides J dynamic analyses of SDOF equations (to
obtain an(t)), being J < 6N . Unfortunately, due to simpli�cations assumed to
decompose the system of dynamics in expression (6.9), modal dynamic analysis
is strictly valid if the materials remain completely elastic during the earthquake
and if there are not any other source of nonlinearity included in the model. The
errors introduced with modal dynamics in elastic analysis are basically; (i) the error
caused by the numerical integration procedure of the SDOF motion; (ii) the possible
�ltering of higher modes by the step-time adopted; and (iii) the vibration modes
neglected (between J and 6N).

Compared with other procedures, the sources of errors are less detrimental here,
since the employed integration scheme is exact if the step-time of the analysis and
the accelerogram are coincident9 (∆t = 0.01 s). Furthermore, the results remain
almost unchanged if an increased number of modes is included in the analysis, as
it has been observed in this section. Therefore, modal dynamic analysis (MRHA)
is considered as the reference methodology for comparison purposes in the elastic
analysis performed in this chapter.

In modal dynamics, a constant modal damping ratio ξn = 4 % (n = 1, · · · , J) is
considered, whereas the synthetic accelerograms obtained with this constant damp-
ing level (section 5.4.3) are employed in the analysis.

6.3.3 Modal Response Spectrum Analysis: MRSA

In structural design, the most interesting result is the peak value of the response ro,
not its time-domain history r(t). Considering a SDOF system with frequency ωn and
damping ratio ξn, its maximum response under a speci�c earthquake may be known
exactly by means of the acceleration response spectrum San = Sa(ωn, ξn), being
San the pseudo-acceleration spectral ordinate10 or, in other words, the extreme
relative displacement of the SDOF during the earthquake (Sdn) times the square of
the corresponding frequency.

Returning to the study of the system of dynamics, and assuming the response
perfectly linear and elastic (without any seismic device), we arrived previously to
expression (6.18), repeated here for convenience:

rn (t) = rstn an (t) = rstn
[
ω2
nDn (t)

]
(6.21)

The maximum response of nth mode is:

rn,o = rstn

[
ω2
n max

t
|Dn (t)|

]
= rstn

[
ω2
nSdn

]
= rstn San (6.22)

9Abaqus [Abaqus 2010] states that the integration scheme in MRHA is exact if the seismic ex-
citation (which is proportional to the ground acceleration, expression (6.1)) varies linearly between
two consecutive steps and, therefore, the procedure is exact if the step-time in the analysis is equal
to the step of the accelerogram.

10Strictly speaking, it is employed the pseudo-acceleration spectrum San = ω2Sdn, not the
acceleration spectrum max |üT |, however it is referred simply as the acceleration spectrum since
max |üT,n| ≈ San considering the typical damping factors in earthquake engineering [Chopra 2007].
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Note that the algebraic sign of rn,o is the same as that for rstn , since San is
positive by de�nition (the sign must be retained because it could be important in
subsequent modal combination rules).

The calculation of these modal maxima is exact, however, errors are introduced
when they are combined in order to obtain the global response, because they do
not occur at the same time and, therefore, they cannot be aggregated algebraically.
We are interested in the total peak response; ro ≡ max

t
|r (t)|, but this value is

impossible to know exactly without obtaining the history of the response rn (t)

(which is indeed obtained in modal dynamics). Instead, spectrum analysis estimates
the global maximum response from the combination of modal maxima by means of
di�erent rules, sophisticated to a greater or lesser extent. These combination rules
are based on the principle of superposition and hence are only valid if the response
is linear, which was also a requirement to reach this point.

Walker [Walker 2009] brought valuable insight into modal combination rules in
cable-stayed bridges:

1. The Square Root Sum of the Squares (SRSS) combination rule improves the
direct algebraic sum of the modal extreme responses (ABSUM). SRSS assumes
the modal contributions completely uncorrelated, being its biggest drawback.
Errors may arise if the following conditions apply; (i) the damping is low; (ii)
the structure is able to vibrate in two or more orthogonal directions; (iii) the
distribution of mass and sti�ness in the structure is such that frequencies in
di�erent directions are similar; and (iv) the excitation is such that closely-
spaced modes contribute signi�cantly to the overall response. Unfortunately,
all of these conditions are involved in the seismic response of cable-stayed
bridges.

SRSS→ ro '
[

6N∑
n=1

(rn,o)
2

]1/2

(6.23)

2. Complete Quadratic Combination rule (CQC) considers the earthquake as a
white noise (i.e. stationary Gaussian process with zero-mean), improving con-
siderably the solution compared with ABSUM and SRSS. CQC rule assumes
in�nite duration11 for the white noise, and hence it has the following lim-
itations; (i) it is less suitable for short-duration impulsive earthquakes; (ii)
the input should be broadband (which has been veri�ed in most of recorded
ground motions); (iii) the linear response should be stationary and, thus, the
fundamental period of the structure should be several times shorter than the

11There are other combination rules based on the white noise assumption, like the Double Sum
Combination (DSC) [Rosenblueth 1969], which require the strong pulse duration of the earthquake
(DSR,5−75) and complicate its implementation. This information is not needed in CQC, being its
application straightforward, despite the results with DSC may be somewhat improved.
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duration of the strong motion interval (DSR,5−75). The CQC rule is expressed
as12:

CQC→ ro '


6N∑
n=1

(rn,o)
2 +

6N∑
i=1

6N∑
n=1

γi,nri,orn,o︸ ︷︷ ︸
i6=n


1/2

(6.24)

Where γi,n are the correlation coe�cients, obtained according to Der Ki-
ureghian [Der Kiureghian 1981]:

γi,n =
8
√
ξiξn (ρi,nξi + ξn) ρ3/2

i,n(
1− ρ2

i,n

)2
+ 4ξiξnρi,n

(
1 + ρ2

i,n

)
+ 4

(
ξ2
i + ξ2

n

)
ρ2
i,n

(6.25)

Where ρi,n = ωi/ωn, with (n > i), is the modal coupling ratio presented in
section 4.4.

3. More recently, di�erent proposals have been published in order to overcome
the possible shortcomings of CQC. The General Modal Combination (GMC)
[Gupta 1990] includes the higher mode e�ect by means of ABSUM rule, and
the rest of modal responses using CQC rule. In light of the results of Walker
in Quincy Bayview bridge (USA), the in�uence of such rigid modes in cable-
stayed bridges is negligible due to their �exibility, and does not balance the
di�culties involved in GMC.

4. Damping within the range of 1 - 5 % is found to have little e�ect on accuracy
of modal combination rules. However, this value should not be very reduced
(ξn > 0.005) [Chopra 2007].

5. ABSUM method is inadequate, instead, SRSS rule is suitable for predict-
ing the longitudinal response of cable-stayed bridges, since the corresponding
governing modes are typically well spaced, however is found inappropriate in
transverse direction, where coupled torsional modes of the deck participate.
CQC comprises accuracy and simplicity, being the preferred rule for the com-
bination of modal extreme responses, but the results are worst under records
with signi�cant �uctuations in the energy content within the range of signi�-
cant modes.

According the current engineering practice and the recommendations of Walker
in cable-stayed bridges, CQC rule has been employed in this thesis for the com-
bination of modal maxima in MRSA. The spectrum considered here is the smooth

12It is noteworthy that, considering equation (6.24), if ri,o and rn,o have opposite sign, the second
summation substrates the �rst (which corresponds to SRSS rule) and. Therefore, CQC rule may
yield lower or larger responses compared with SRSS.
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envelope proposed by the Eurocode 8 (chapter 5), avoiding the �uctuations in energy
content which may compromise CQC rule. On the other hand, the studied cable-
stayed bridges have fundamental periods ranging from 2 to 5.5 s (chapter 4), and the
duration of the strong pulse interval is always tsp = 4 s (compliant with Eurocode 8
[EC8 2005a], see chapter 5), therefore, worst accuracy would be expected when em-
ploying CQC rule in the largest models. Fortunately, this condition does not apply
here, since the imposed spectrum is the design one (ensuring also the broad-band fre-
quency content), not the individual spectrum of natural impulsive earthquakes. In
spectrum analysis conducted in this thesis, a constant modal damping ratio above
the lower recommended value has been considered (ξn = 0.04 > 0.005). In con-
clusion, large errors introduced by CQC are not expected in comparison with the
reference solution obtained with modal dynamics (section 6.3.5 presents the results).

As it was discussed in the preceding section, only the �rst J modes contribute
signi�cantly to the global response, and the summations in expressions (6.23) or
(6.24) are consequently truncated. Due to the special dynamic characteristics of
cable-stayed bridges (with large �exibility, number of required modes and signi�cant
contribution of higher modes) two conditions to select the number of required modes
are explored here; (i) the speci�cation of Eurocode 8 [EC8 2005a] (ηjmodal > 0.9,
chapter 4); and (ii) the frequency of the last mode is set as flim = 35 Hz. The
number of modes needed to ful�ll these conditions was included in �gure 4.6 for soft
surrounding subsoil (type D).

Spectrum analysis is clearly the less computationally expensive and the most
easy to implement procedure among all the strategies discussed so far; only J inde-
pendent static analyses are carried out, since the dynamic integration of the SDOF
system under the speci�c earthquake is summarized by means of its acceleration
spectrum. In other words, the job of integrating the dynamic response of the SDOF
has been previously done and captured in the spectrum; the only thing left to do
is the elastic static analysis of the modal response (to obtain rstn ). Seismic codes
tacitly recommend this procedure, de�ning the seismic action directly by means of
design spectra. Furthermore, only one calculation is required in contrast with the
large number of analyses sometimes needed to obtain a robust solution in procedures
based on the history of the response (see section 5.4.5).

Notwithstanding, spectrum analysis (MRSA) is only valid for linear13 calcula-
tions and some errors are inevitably introduced by the combination rules. Further-
more, the history of the response is lost, and taking into account the real seismic
forces concomitant with speci�c load hypothesis is sometimes necessary, considering
both the magnitude and the direction of seismic resultant forces14 (further informa-
tion is included in section 7.3.2).

Constant damping equal to ξ = 4 % has been considered in the CQC combination
rule (ξi = ξj = 0.04 in expression (6.25)).

13Seismic codes introduce a ductility factor which reduces the design spectra in order to take
into account indirectly the energy dissipation of the structure (capacity design). The incorporation
of yielding metallic dampers may be also included in a modi�ed spectrum (chapter 9).

14Note that the sign is lost after the modal combination rule is applied.
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We are dealing here with three-axially simultaneously excited structures; in spec-
trum analysis, the earthquake is considered separately in each principal direction
(X,Y,Z), obtaining the speci�c extreme response with CQC rule. Afterwards, SRSS
rule is used in order to combine this directional maxima, hence assuming the longitu-
dinal, transverse and vertical responses completely uncorrelated, which is supported
by seismic regulations [EC8 2005a] [NCSP 2007]. A result is advanced now in order
to assess the errors that could be introduced by spectrum analysis when combining
the extreme responses obtained for each accelerogram component considered sep-
arately (referred in the literature as `directional combination'); the extreme stress
during the earthquake recorded along the tower height was obtained with two pro-
cedures15; (i) by considering the simultaneous 3D excitation in time-domain and
selecting the maximum stress16 (rigorous method); (ii) by the SRSS combination
rule of the extreme stress obtained for each individual accelerogram component in
each section17:

σ3D,SRSS =
√
σ2
X + σ2

Y + σ2
Z (6.26)

Almost the same results were observed in models with main spans below 400 m,
either dealing with the simultaneous 3D excitation or by employing the simpli�ed
SRSS rule, which supports its use in the directional combination, tacitly admitting
the independence of the three principal responses in the elastic range. However,
SRSS leads to under-predictions (up to 18 %) in some sections for large models
(above LP = 500 m) as it is depicted in �gure 6.1, which questions the use of
this rule in important structures with complex high-order mode contributions, in
agreement with [Ren 1999].

6.3.4 Previous studies

The seismic action, de�ned in chapter 5 by means of spectra or equivalent synthetic
accelerograms, was applied to simpli�ed models in order to address and optimize
di�erent features of the elastic analysis strategies, validating also the software em-
ployed (Abaqus [Abaqus 2010]).

These previous studies began with the simplest model; a SDOF system whose
`exact' dynamic solution is known by means of numerical integration18. Once veri-
�ed a satisfactory result with di�erent seismic analysis procedures, the complexity
of the model was increased, considering �rst a cantilever beam and next a model
representing exclusively the tower (`H'-shaped tower with LP = 200 m and rocky
soil) subjected to both 2D and 3D seismic excitations. A sensitivity analysis on the

15Modal dynamic analysis have been performed for both procedures in this exercise about SRSS
rule, because spectrum analysis is not able to consider the simultaneous 3D excitation without
introducing errors, since the history of the response for each accelerogram component is lost.

16Some details about post-processing of the stress in the tower are included in chapter 7.
17In this simpli�ed case, despite spectrum analysis would be valid, modal dynamics have been

employed for comparison purposes.
18The linear interpolation of the excitation method has been employed.
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Figure 6.1. Extreme averaged total normal stresses (σtot) recorded along the tower height

by considering the SRSS rule to combine the response for each individual accelerogram

component, or the rigorous procedure with 3D simultaneous excitation. Rocky soil type A.

YD-LCP model with LP = 600 m. θZZ �xed in deck-abutments connection.

step-time concluded that the optimum value19 in the methodologies based on the
history of the response is ∆t = 0.01 s (which is equal to the step of the accelero-
grams, ensuring an exact integration in modal dynamics). Good accuracy in the
representation of mode shapes up to 20 Hz was veri�ed with the FEM discretiza-
tion of the towers proposed in chapter 3. Better results were observed by employing
CQC or SRSS than ABSUM, as it was expected. In the following spectrum analysis,
CQC rule is employed �rst in modal combination and, next, SRSS in considered in
the directional combination, as it was stated previously.

Finally, a full cable-stayed model20 was considered to verify the assumptions in-
troduced by numerical parameters of the analysis scheme, like the arti�cial damping
(αa). Figure 6.2 schematically presents the evolution of the previous studies until
a generic full structure is achieved. In the following section, the whole set of full
cable-stayed bridges de�ned in chapter 3 is considered.

6.3.5 Comparison of the results

Each one of the thirty �ve cable-stayed bridges proposed was analyzed by direct,
modal and spectrum analysis, considering two types of foundation soil; rocky (TA)
or soft (TD). Spectrum analysis (MRSA) is carried out including two number of

19Step-times of ∆t =0.001, 0.005 and 0.01 s were considered. The integration in MRHA is not
in�uenced in principle by this variable, providing that ∆t is lower or equal to the step in the
accelerogram, because linear interpolation is conducted between consecutive data points, however
the possible response �ltration a�ects.

20`H'-shaped towers with lateral cable-system and 200 m main span, θZZ �xed, on soft soil (TD).
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Z

Figure 6.2. Scheme of the previous studies conducted prior to the analysis of the full

cable-stayed bridge models.

vibration modes, as it was explained in section 6.3.3. The analysis procedures
based on the history of the response are repeated twelve times in order to obtain
the average behaviour, which leads to an overwhelming amount of calculations and
subsequent data.

The results are summarized below, �rst presenting the extreme seismic forces
along the tower leg or the lower strut in some models, and next averaging the errors of
the methodologies in comparison with the reference modal dynamic results (MRHA).
Finally, the computational time required in each analysis is brie�y discussed.

6.3.5.1 Extreme seismic forces

Undoubtedly the designer is primarily interested in the extreme seismic response of
the structure, which is directly obtained with spectrum analysis as it was previously
mentioned. Procedures based on the history of the response, like modal and direct
dynamics, yield the total result in time domain, and its extreme absolute value must
be extracted in each section of the bridge. The contribution of the bridge self-weight
is subtracted from the total recorded forces in time domain and the peak absolute
values are gathered, obtaining the extreme seismic forces. Figure 6.3 graphically
shows the scheme adopted to obtain the extreme response (e.g. the transverse
bending moment, MXX) along the height of the tower in procedures based on the
history of the response.

Furthermore, in order to obtain the mean response (µ), this operation needs to
be repeated twelve times by employing di�erent 3D accelerograms with equivalent
design spectra (the number of required analyses was justi�ed in section 5.4.5). In
this thesis, the mean response is arithmetic21. The dispersion of the extreme seismic

21Some authors defend that sometimes the response is log-normally distributed, just as ground-
motion amplitudes are. Therefore, the median of the response measure corresponds to the mean
of the logarithm of the response measure. However, in this work the mean response is simply
arithmetic, which is compliant with Eurocode 8 [EC8 2005a].
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Figure 6.3. Explanation of the procedure employed to obtain the extreme seismic response

(e.g. transverse bending moment, MXX) in one of the proposed models under one 3D

accelerogram (three-axially applied) in procedures based on the history of the response.

response (ro,i) have been obtained by means of the standard deviation σ.

µ =
1

12

12∑
i=1

ro,i (6.27a)

σ =

√√√√ 1

12

12∑
i=1

(ro,i − µ)2 (6.27b)

The large number of studied models makes it impossible to present the results
for all the cases22. Figures 6.4 to 6.7 present some speci�c comparisons between the
extreme seismic responses obtained with the mentioned elastic analysis strategies;
in the procedures based on the history of the response, only the mean forces are
included (µ), whereas the coloured band introduces the standard deviation of the
response in modal dynamics (MRHA, the reference `exact' method) in each section.

Dealing with the results included in �gures 6.4 to 6.7, it is observed that di-
rect dynamics typically over-predicts the response in comparison with the reference
modal dynamics (MRHA) results. Spectrum analysis, on the other hand, leads to
unsafe solutions along the legs of the towers and their transverse struts. The next
section continues with the discussion on these errors.

The number of modes considered in spectrum analysis, either being compliant
with Eurocode 8 speci�cations (where typically flim ≈ 10 Hz, see �gure 4.6(left box))
or achieving flim = 35 Hz in the last frequency included, usually has a negligible
in�uence, which means that the vibration modes between ≈10 Hz and 35 Hz have a

22Altogether, 35 models on two subsoil classes have been studied, considering the six seismic
resultant forces (axial load N , shears VX and VY , bending MXX and MXX , and torsion T ) along
the height of the tower and the transverse struts, consequently, more than 840 graphics were
obtained.
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A) Torre en “H” B) Torre en “Y”  invertida C) Torre en “Y”  invertida
con diamante

D) Torre en “A” E) Torre en “A”
con diamante

(a) H-LCP model. LP = 600 m. Rocky soil
(TA). Extreme seismic axial load N

A) Torre en “H” B) Torre en “Y”  invertida C) Torre en “Y”  invertida
con diamante

D) Torre en “A” E) Torre en “A”
con diamante

(b) A-LCP model. LP = 400 m. Rocky soil
(TA). Extreme seismic long. bend. moment
MY Y

Figure 6.4. Comparison of extreme seismic forces with di�erent elastic procedures; spec-

trum analysis (MRSA) including modes according to EC8 provisions or up to flim = 35

Hz; direct dynamics (DRHA); modal dynamics (MRHA).

(a) AD-LCP model. LP = 200 m. Rocky soil
(TA). Extreme seismic VY

(b) YD-LCP model. LP = 500 m. Soft soil
(TD). Extreme seismic VY

Figure 6.5. Comparison of extreme seismic transverse shear forces (VY ) with di�erent

elastic procedures; spectrum analysis (MRSA) including modes according to EC8 provisions

or up to flim = 35 Hz; direct dynamics (DRHA); modal dynamics (MRHA).

reduced contribution to the global response. However, several exceptions have been
observed, related to results strongly in�uenced by sti� responses of the tower; (i) the
transverse shear (VY ) in the lower diamond is appreciably increased (approximately
by 10 %) including the vibration modes up to 35 Hz in models with moderate spans
(compare �gures 6.5(a), for 200 m main span, and 6.5(b), for LP = 500 m), due
to the large sti�ness of this element, which is governed by higher modes; (ii) the
axial load in the tower (N) is somewhat in�uenced by the number of considered
modes, but anyway the result compliant with Eurocode 8 is only 1 % lower than the
solution with flim = 35 Hz in the worst case; (iii) the extreme bending moments
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(a) Y-LCP model. LP = 300 m. Soft soil (TD).
Extreme seismic MXX

(b) Y-CCP model. LP = 300 m. Soft soil (TD).
Extreme seismic MXX

Figure 6.6. Comparison of di�erent elastic procedures in bridges with lateral or central

cable arrangement; spectrum analysis (MRSA) including modes according to EC8 provisions

or up to flim = 35 Hz; direct dynamics (DRHA); modal dynamics (MRHA).

(a) YD-CCP model. LP = 300 m. Rocky soil
(TA). Extreme seismic longitudinal �exure of the
strut MZZ

(b) YD-LCP model. LP = 600 m. Rocky soil
(TA). Extreme seismic transverse �exure of the
strut MXX

Figure 6.7. Comparison of di�erent elastic procedures in bridges with lateral or central

cable arrangement; spectrum analysis (MRSA) including modes according to EC8 provisions

or up to flim = 35 Hz; direct dynamics (DRHA); modal dynamics (MRHA).

in the central part of the lower strut resulting from the transverse �exure of the
tower, may be sensitive to higher modes due to its vibration as a double cantilever
beam with reduced slenderness (�gure 6.7(b)). In light of the reduced di�erences
observed, the number of vibration modes proposed by EC8 is validated, except in
the case of models with lower diamond and moderate spans, where it is suggested
to include modes up to 35 Hz in order to capture more properly the transverse
shear (VY ). The discussion about the truncation of higher modes is closed now and
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the condition flim = 35 Hz is considered hereinafter, both in modal dynamics and
spectrum analysis.

The error introduced in direct dynamics is also larger if the response is signif-
icantly a�ected by higher modes, since the phase error is increased, which could
explain the higher errors observed in the axial load (N) and transverse shear (VY )
for models with moderate spans when the system of dynamics is directly integrated
(DRHA).

Procedures based on time-domain (modal and direct dynamics) present typically,
and regardless of the response, a standard deviation of the results σ ≈ 10 % in the
whole tower when a sample of 12 records is considered.

6.3.5.2 Averaged errors

Due to the large amount of data obtained and the uniform trends observed in the
comparison of the methodologies, a simpli�ed way to study their di�erences seems
very appealing.

A factor λ is proposed, which represents the ratio of the response in direct or
spectrum analysis over the reference result in modal dynamics23:

λ∗ =
µ∗

µMRHA
; being ∗ = DRHA or MRSA (6.28)

Observing the uniform results of this ratio between procedures along the tower in
�gures 6.4 to 6.7, averaging the factor λ in the whole tower is assumed appropriate,
leading to the factor λ̄:

λ̄∗ =

Nelem∑
i=1

λ∗

Nelem
; being ∗ = DRHA or MRSA (6.29)

Where Nelem is the number of elements in the full tower, including struts and
legs24.

Figure 6.8 presents the results of λ̄∗ in two of the proposed models in terms of
their main span (LP ), considering both the axial load and the longitudinal bending
moment.

Observing �gure 6.8 the averaged ratio λ̄ is not signi�cantly in�uenced by the
main span length25 and, therefore, it is assumed acceptable to push the concept a
bit further and average also the results with the �ve di�erent main spans studied:

23In expression (6.28), the mean (µ) result of procedures based on the history of the response is
employed, whereas the direct result in spectrum analysis is used if applicable.

24The leg of the tower which is free from the direct action of the deck-tower connection (side 2,
see section 3.2.3), is excluded in the calculation of the average value (λ̄), since the results recorded
in that part of the tower are not realistic.

25Despite the accuracy of SRSS directional combination in modal analysis is deteriorated by
increasing the main span above 500 m, section 7.4.
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Figure 6.8. Averaged error λ̄ in the whole tower with direct (DRHA) and spectrum analysis

(MRSA) compared with modal dynamics (MRHA) reference results, in terms of the main

span. Rocky soil (TA).

¯̄λ∗ =

5∑
j=1

λ̄∗

5
; being ∗ = DRHA or MRSA (6.30)

Figure 6.9 summarizes the values of ¯̄λ∗ obtained for rocky soil (TA) in all the
studied models, considering both shears and the axial seismic load. Nearly identical
results have been obtained on soft soil (TD), which are not included for the sake of
brevity, demonstrating the negligible in�uence of the class of subsoil in the accuracy
of the analysis procedures, provided that the accelerograms are obtained with anal-
ogous seismological criteria, i.e. �t of the spectra and strong pulse phase, among
other features.

Direct integration (DRHA) usually yields slightly larger forces than reference
modal dynamics (MRHA), around 5 - 10 % (¯̄λDRHA ≈ 1.05 - 1.10) on the safe side.
Taking into account that the standard deviation of the results in both procedures is
approximately 10 %, the results of DRHA and MRHA may be assumed acceptably
similar. It is important to remark that the truncation in the number of modes
included in modal dynamic analysis (MRHA) is not the reason behind the increase
in the seismic forces obtained with DRHA26. The phase errors associated with higher
modes in direct dynamics govern the di�erences between its results and the ones
in modal dynamics. However, an exception is clear from �gure 6.9(b) since DRHA
under-predicts the reference response around 10 % in models with `H'- and inverted
`Y'- shaped towers without lower diamond, independently of the cable arrangement;
(i) `H'-shaped towers have more transverse struts along their height than the rest
of the models, and the underestimation of the transverse bending moment at their

26The negligible in�uence of the increase in the number of considered frequencies from approxi-
mately 10 to 35 Hz has been observed in spectrum analysis (MRSA).
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Figure 6.9. Factor ¯̄λ particularized to the longitudinal, transverse and axial response of

each tower. Rocky soil (TA).

connections with the lateral legs has been observed (see �gure 6.7(b)), which could
explain the reduced ¯̄λDRHA in models with `H' towers in forces associated with
the transverse seismic response (transverse shear and axial load); (ii) inverted `Y'-
shaped towers without lower diamond are the sti�est solution in transverse direction
(chapter 7), which marks their special sensitivity to higher modes, suggesting the
deterioration of the results in DRHA due to phase errors.

Spectrum analysis (MRSA) leads to seismic forces generally lower than modal
dynamics (MRHA), ranging this reduction on the non-conservative side typically
from 10 to 20 % (¯̄λMRSA ≈ 0.83). If the seismic forces obtained with MRSA are
multiplied by a factor of 1.2 (≈ 1/0.83), a solution close to the reference one (MRHA)
is generally obtained for the studied cable-stayed bridges27, as it may be observed in
�gures 6.4 to 6.7. The errors associated with spectrum analysis (MRSA) are mainly
due to the modal combination rules, as it was previously discussed. [Chopra 2007],

27However, it will be veri�ed in chapter 7, that considering concomitant the extreme seismic
bending moments and axial load obtained with MRSA introduces an approximate over-prediction
around 20 %, which may balance the initial error in the prediction of the extreme global response.
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among other authors, observed that MRSA normally under-predicts the response
up to 25 % in building structures seismically excited, which agrees with the results
obtained here. As it was observed in the direct integration (DRHA), larger errors
are recorded in forces associated with the transverse �exure of the bridge in models
with `H'- and `Y'-shaped towers without lower diamond.

6.3.5.3 Computational cost

The computational cost is an important factor in the selection of the appropriate
analysis methodology. Figure 6.10 presents the approximate28 execution time (in
elapsed CPU hours) required to obtain the average response (µ) employing a rel-
atively powerful computer29. It should be taken into account that twelve analyses
are required to obtain the mean solution in procedures based on the history of the
response (modal and direct dynamics), whereas a single calculation is performed in
spectrum analysis (MRSA).

Figure 6.10. Averaged CPU calculation time, expressed in hours, required in elastic seis-

mic analysis; direct dynamics (DRHA), modal dynamics (MRHA) and spectrum analysis

(MRSA) applied to the proposed cable-stayed bridge models with LP = 400 m.

Spectrum analysis is incomparably faster than the others30, �gure 6.10 is inten-
tionally out of scale to represent the computational cost of all the elastic procedures
together. Furthermore, the output storage capacity required and the post-processing

28It has been considered LP = 400 m as the reference size of the models to present the compu-
tational time. Despite in elastic analysis, more CPU time is required the larger the model, similar
results have been obtained with other spans (for comparison purposes). Although more vibration
modes are required on rocky soil (chapter 4), the type of foundation soil is not distinguished since
its impact is negligible in the CPU cost of elastic analysis.

29The Personal Computer employed has 3 GB RAM and processor Intel(R)Xeon(R) CPUW3503
@ 2.40 GHz.

30It took approximately one complete week to �nish the analysis of the 35 models with DRHA,
whereas only one hour was required in MRSA.
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calculation time are proportional to the execution time, representing a strong ad-
vantage of spectrum analysis which usually swings the balance in its favour dealing
with elastic analysis.

The computational cost of direct dynamics is approximately six times larger
than modal dynamics, due to the direct integration of the complete coupled system
of dynamics. In linear and elastic analysis like the one performed in this section, the
direct procedure is not justi�ed. Spectrum analysis seems the most recommendable
option for the design stage of cable-stayed bridges in elastic range without seismic
devices, without losing sight of the typical under-predictions in the results; the �nal
design of the structure should be validated with procedures based on the history
of the response, in agreement with Eurocode 8 provisions [EC8 2005a], preferably
employing modal dynamics with vibration modes up to 35 Hz.

6.4 Inelastic analysis

When subjected to extreme seismic events, the structure is expected to behave
beyond its linear range, even if seismic devices are incorporated. Designers need
appropriate methodologies to predict the displacement demand according to widely
accepted performance-based design (PBD). The traditional and code-supported ap-
proach [EC8 2005a] is to employ linear response spectrum procedures using reduced
spectra to indirectly take into account the expected nonlinearities, but current trends
in earthquake engineering require more rigorous and realistic procedures, specially
after the lessons learned in early 90's seismic events.

Nonlinear dynamics (NL-RHA) is undoubtedly the most rigorous methodology
to deal with strong nonlinearities, however, several uncertainties are introduced in
the de�nition of the models and analysis [Priestley 1996], to the point that there are
seismic regulations which preclude this procedure, like the German national annex
to the Eurocode 8 [EC8 2011]. In this sense, Nonlinear Static Pushover (NSP) is
very appealing.

A brief, yet complete, state-of-the-art review on available pushover analysis was
included in chapter 2. The present work aims to shed some light on the accuracy
of di�erent pushover strategies applied to a reduced set of 6 proposed full cable-
stayed bridges models31, comparing their solutions with rigorous nonlinear dynamic
results. Several valuable contributions are introduced in order to take into account
the three-dimensional e�ect of cable-stayed bridges under multi-axial excitations.

Two key aspects di�erentiate and de�ne each pushover method (NSP); the load
pattern and the calculation of the inelastic displacement demand (target displace-
ment). In general, NSP involves the static push of the structure up to the target
displacement beyond the elastic range, by increasing a load pattern which aims to
describe the actual distribution of inertia forces along the structure during the seis-

31It is a common practice to perform the pushover analysis only in the tower of the cable-stayed
bridge (e.g. [Morgenthal 1999]). Nonetheless, the full models have been considered in the pushover
conducted in this thesis in order to take into account the three-dimensional e�ects appropriately.
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mic event. Once the target displacement is obtained, the corresponding static forces
and displacements along the structure, represent an estimation of the extreme ab-
solute values of its seismic response. All the methodologies start the pushover from
the deformed con�guration of the structure due to gravity loads.

A description of the advanced Modal Pushover Analysis (MPA) is presented
below, adapted to improve its applicability in three-axially excited cable-stayed
bridges. Subsequently, two contributions of this thesis are introduced; the Extended
Modal Pushover Analysis (EMPA) and the Coupled Nonlinear Static Pushover
(CNSP), which fully consider the three-directional nature of the earthquake. Ap-
pendix F describes simpli�ed pushover strategies proposed by relevant seismic codes
and guidelines, whilst the picture is completed in appendix G with a step-by-step
description of the advanced procedures detailed in this chapter. But �rst, a brief
discussion is included about the method employed as the reference in nonlinear
analysis, which is assumed to yield `exact' results; the Non-Linear Response History
Analysis (NL-RHA).

Non-Linear Response History Analysis: NL-RHA

If the seismic response of the structure involves any source of nonlinearity, the sys-
tem of dynamics (eq. (6.1)) cannot be directly decomposed in a set of `real' vibration
modes32. In fact, material nonlinearities preclude the de�nition of a constant sti�-
ness matrix k representing the structure along its complete response, and therefore
the calculation of the mode shapes (eq. (6.7)) is no longer valid.

Being questioned the procedures based on modal decomposition, the most accu-
rate strategy to address signi�cant nonlinearities in structural dynamics is clearly
the Non-Linear Response History Analysis (NL-RHA), which is the direct integra-
tion method (DRHA) presented in section 6.3.1, but extended to nonlinear analysis;
the tangent sti�ness k = f(u, u̇) is considered in each calculation step in order to
linearize the problem (section 2.2.3). The implicit linearization process of HHT al-
gorithm is cumbersome, leading to exceptionally time-consuming calculations. Fur-
thermore, any algorithm employed to integrate the system of dynamics 6.1 is not
unconditionally stable in nonlinear problems, which may compromise the numerical
stability of the solution. The good news is that the hysteretic damping caused by
the inelastic seismic demand reduces the intrinsic phase error associated with the
algorithm, improving its accuracy. On the other hand, the accuracy of the method
was demonstrated previously in linear elastic analysis, where errors below 10 % have
been typically observed with direct dynamics (DRHA) in section 6.3.5.

6.4.1 Modal Pushover Analysis: MPA

Starting from the general expression of the system of dynamics in eq. (6.1), if the
structure is three-axially excited, the spatial distribution of the seismic excitation

32Structures with included dampers present non-classical damping matrix and complex eigen-
vectors.
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(right side of expression (6.1)) is a matrix s [6N× 3]:

s = mι =
(
sX , sY , sZ

)
(6.31)

Where sj [6N×1] is the spatial distribution of the seismic excitation in j-direction
(j = X,Y, Z). Even in the nonlinear range, it is useful to expand each component
of the spatial distribution into modal coordinates:

sj = mιj =

6N∑
i=1

sji =

6N∑
i=1

Γjimφi (6.32)

Γji and φi being respectively the participation factor (scalar) in j-direction and
the mode shape vector associated with ith mode, whereas ιj is the j-column of the
in�uence matrix. It should be noted that both forces and bending moments compose
the expanded excitation vector, since three displacements and three rotations (6
DOF) per node are activated in the model and included in φi [6N× 1].

Pushover abandon the idea of obtaining the time-domain history of the be-
haviour, instead, the peak seismic response is pursued. Proposed by Chopra and
Goel [Chopra 2002], improved by others [Chopra 2004a] [Chopra 2004b] and in-
cluded in FEMA-440 [fem 2005], modal pushover analysis (MPA) aims to take into
account the contributions of several modes in the nonlinear dynamic response of
the structure. Even if nonlinearities arise, decomposing the system in a representa-
tive set of J vibration modes (J < 6N), whose properties are modi�ed as long as
the inelastic demand is developed along the structure, is advantageous. However,
in MPA and the other advanced pushover analysis considered here, the vibration
modes are assumed constant throughout the analysis (ignoring adaptive pushover
methodologies).

MPA has been conceived for one-directional seismic excitation; if the bridge is
three-directionally excited, it is proposed here to conduct in-plane pushover analy-
ses separately, deciding �rst which is the characteristic direction of the considered
nth mode (DRn) and neglecting its contributions in the other directions33 (i.e. ne-
glecting the components of the studied excitation vector, sn, in directions di�erent
from the dominating one). Therefore, üg(t) = üDRn

g [1 × 1], and ι = 1 [6N × 1] in
expression (6.1). These dimensions are considered in the remainder of the section
devoted to MPA.

We assume now that the nth component of the expanded excitation vector
in modal coordinates only a�ects the nth vibration mode (which is not gener-
ally true in nonlinear analysis, but is assumed acceptable in building structures34

[Chopra 2002]), if this is true, the contribution of the ith mode to the displacement

33Considering only one direction in the pushover of each vibration mode may suppose a short-
coming of the methodology in cable-stayed bridges, which inspires the extension of the procedure
(EMPA) introduced in the next section.

34In section 6.4.4 the hypothesis of uncoupled vibration modes in the nonlinear response of
cable-stayed bridges is observed to be acceptable.
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vector when sn is applied to the structure is null, being i 6= n, and the modal
decomposition may be performed as follows:

un(t) =
J∑
i=1

φiqi (t) ≈ φnqn (t) (6.33)

Where un is the contribution of nth mode to the total displacement vector,
whereas qi and φi are respectively the generalized coordinate and mode shape vector
associated with ith mode.

Taking also into account the orthogonality of m and c (assumed classical damp-
ing), a set of J nonlinear independent SDOF systems is obtained, each governed by
the expression35:

q̈n + 2ξnωnq̇n +
Fsn
Mn

= −Γnüg (6.34)

ξn, Mn and Γn being respectively the modal damping ratio, the modal mass
and the participation factor for the nth mode, whereas Fsn = φTn fS(qn, q̇n) (scalar).
Mn = φTnmφn by the orthogonality of the mass matrix. qn is the generalized
coordinate for the nth mode, translated into the real displacement of the control
point (urn) through: urn(t) = φrnqn(t), where φrn is the modal displacement at the
control point `r' considering the nth mode.

The extreme response associated with nth mode is obtained by imposing stat-
ically a speci�c load pattern s∗n up to certain target displacement36 of the control
point umax

rn :

s∗n = mφn (6.35)

umax
rn = φrn max

t
[qn(t)] (6.36)

Where max
t

[qn(t)] is the maximum absolute displacement of the SDOF resulting

from the integration of expression (6.34). Note that MPA loses the history of the
response by expression (6.36), and the peak modal contributions in the nonlinear
range will be combined by simple rules (CQC), it is an extension on the spectrum
analysis (MRSA).

In general, pushover procedures push statically the structure up to the target dis-
placement (umax

rn ) beyond the elastic range, by increasing gradually s∗n, recording the
`capacity' or `pushover' curve37, which relates the base shear force in the direction of

35Chopra and Goel [Chopra 2002] developed further the mathematical background, substituting
qn = ΓnDn in eq. (6.34), as it was performed in section 6.3.2. This is not repeated here in order to
facilitate the analogy with the proposed extension of MPA and the new coupled pushover (CNSP),
presented in the following sections.

36Again, for convenience, small di�erences have been introduced in (6.36) in comparison with
the original MPA [Chopra 2002].

37The nonlinear static analysis does not control the imposed displacements or forces, instead,
a variable λ which depends on both variables is controlled according to the `arc-length' approach
[Abaqus 2010].



154 Chapter 6. Seismic analysis

pushover with the corresponding displacement of the control point; Vbn−urn, as it is
schematically depicted in �gure 6.11(a). This plot is transformed into Fsn/Mn− qn
coordinates38 by means of expression (6.37) (�gure 6.11(b)), so that equation (6.34)
is readily integrable. The pushover always starts from the deformed con�guration
of the structure due to gravity loads.

Fsn
Mn

=
Vbn
Ln

(6.37a)

qn =
urn
φrn

(6.37b)

Where, again, Vbn and urn are respectively the base shear and the displacement
of the control point in the structure corresponding to the static application of the
nth component of the expanded vector; s∗n. On the other hand, Ln = φTnmι.

(a) A n-mode pushover curve and its bi-linear
`Equal area' idealization.

(b) Force - deformation relationship in the n-
mode equivalent SDOF.

Figure 6.11. One directional pushover capacity curves expressed in di�erent coordinates.

Only one question separates us from the nonlinear contribution of nth to the
global response; what is the target inelastic displacement demand of the control point
umax
rn ?. Establishing the analogy between modal pushover (MPA) and spectrum anal-

ysis (MRSA), if the response is elastic, this displacement demand would be readily
available from the acceleration response elastic spectrum; umax

rn = φrn max
t

[qn(t)] =

ΓnφrnSa(Tn, ξn)/ω2 (section 6.3.3), but this is no longer valid because the spectrum
varies due to material nonlinearities, obtaining what it is known as `inelastic spec-
trum'. This spectrum depends on the ductility demand of the equivalent nonlinear
SDOF and, hence, it is not available prior to the analysis, as it was the case in
elastic calculations.

38Using coordinates Fsn/Mn − qn, the initial elastic slope of the capacity curve is equal to the
squared frequency for the nth mode (�gure 6.11(b)).
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Following the mathematical development presented so far, the most precise way
to obtain the target displacement umax

rn is to solve numerically the di�erential equa-
tion (6.34) (according to the algorithm described in appendix H) and to retain
the maximum absolute value with expression (6.36), using the nonlinear relation-
ship Fsn/Mn − qn obtained from pushover analysis in the numerical integration of
the SDOF system. The computational e�ort to obtain the solution of such SDOF
di�erential equation is minimum, and nonlinear cyclic properties of the structure
(hardening, softening, pinching, etc.) could be taken into account in a simple man-
ner. However, this procedure implies the application of the accelerogram to the
SDOF, which is one of the pitfalls of time-domain procedures like nonlinear dy-
namics, because seismic codes give the elastic design spectra, and the selection of
spectra-matching history of accelerations, either natural or synthetic, involves un-
certainties (chapter 5). This problem has inspired a great research e�ort in the last
decades, focused on the prediction of the inelastic demand of a SDOF starting from
the elastic spectrum [Chopra 2007], and seismic codes like Eurocode 8 [EC8 2004]
supports this procedure including expression (F.3) to estimate the target displace-
ment (see appendix F).

In the present work, the most rigorous method to obtain the target displacement
is considered; the di�erential equation (6.34) is integrated in time-domain by the
algorithm presented in appendix H. Figure 6.12 illustrates the result of the nonlinear
time history response of the equivalent SDOF, extracted from one of the studied
cable-stayed bridges; in such speci�c case, max

t
[|q3|] = 0.4 is obtained, and hence

the corresponding target displacement is umax
r3 = 0.4φr3, where φr3 is the normalized

displacement of the third vibration mode at the control point.
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(a) Nonlinear monotonic static response. Ide-
alized capacity curve.
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Mode 3. Transverse flexure (DR3 = Y ). Y-CCP model

(b) Time history response of the correspond-
ing equivalent SDOF.

Figure 6.12. SDOF nonlinear spring behaviour obtained by means of pushover analysis

and corresponding integration along the earthquake in one speci�c case. Mode 3 (transverse,

DR3 = Y ). Y-CCP model with LP = 200 m. Soft soil (TD). Accelerogram No. 1.

Once the target displacement is obtained with eq. (6.36), the correspond-
ing static forces and displacements along the structure registered in the pushover
database (at this target deformation level) represent an estimation of the extreme
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absolute values of the seismic response due to the studied nth mode. Repeating
the procedure described for a signi�cant set of vibration modes39, these results are
combined by means of any standard combination rule to obtain the maximum re-
sponse (CQC is employed in this work). Modal combination rules are based on the
principle of superposition, which implies another source of errors.

An extension of modal pushover analysis (MPA) was proposed by Chopra and
Chintanapakdee [Chopra 2004b] taking into account the e�ect of higher modes by
considering their response completely elastic (rel). Spectrum analysis (MRSA) is
conducted for higher modes, and the results are combined with those obtained in
MPA applied to the �rst modes (to obtain the nonlinear contribution rnl) by means
of SRSS rule, which tacitly assumes that the nonlinear response contribution of the
�rst modes is completely independent of the elastic higher mode participation. In
this work, the importance of the elastic response of higher modes in cable-stayed
bridges has been observed, and it was included not only in MPA but also in the
other pushover methods proposed here (EMPA and CNSP detailed below).

Speci�c implementation issues of modal pushover in cable-stayed bridges

The complex interactions between vibration modes, characteristic of large cable-
stayed bridges [Abdel-Gha�ar 1991a], force us to consider the full 3D model in
pushover analysis. Furthermore, large di�erences in the sti�ness of their constitutive
members (towers, deck and cable-system) favour signi�cant contributions of modes
higher than the fundamental one, and typically among the �rst twenty modes (see
section 6.4.4.1), which clearly di�erentiates these structures from buildings. Several
special aspects about the implementation of MPA in three-axially excited cable-
stayed bridges have been introduced here and deserve to be commented:

• A previous study about the seismic contributions of each mode below a rea-
sonable upper limit of fmax = 25 Hz (higher modes are neglected) should be
performed in order to select the governing horizontal modes in longitudinal
and transverse directions, i.e. the ones with larger contributions to the re-
sponse (the procedure is detailed in section 6.4.4.1). The inelastic demand
is assumed to be governed by the �rst vibration modes, consequently, it is
proposed to consider in the nonlinear static pushover all the vibration modes
below the limiting frequency fgov, which is established as:

fgov = max(fnX , fnY ) (6.38)

39Chopra and Goel [Chopra 2002] concluded that, in building structures, typically no more
than �ve vibration modes are required to represent the overall nonlinear behaviour and, thus, the
computational e�ort is similar to the NSP proposed by seismic codes and guidelines, where at
least two load patterns are required to be independently investigated. Notwithstanding, in the
present research a speci�c study on the governing modes (section 6.4.4.1) has revealed that cable-
stayed bridges require more than ten vibration modes to include the most signi�cant transverse
and longitudinal modal contributions.
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fnX and fnY being the frequencies associated with the longitudinal and trans-
verse governing modes respectively. Section 6.4.4.1 is devoted to the identi�-
cation of these frequencies.

All the modes between fgov and fmax = 25 Hz are considered merely elastic
and included by means of spectrum analysis (MRSA), as it was already dis-
cussed, whereas frequencies above 25 Hz are directly neglected in light of the
characteristic dynamic response of cable-stayed bridges40. Figure 6.13 aims to
clarify the distinction of frequency ranges in this proposal.

Figure 6.13. Scheme of mode selection in MPA and EMPA procedures (in this case fnX >

fnY but it could be reversed).

• The selection of the roof as the control point in buildings is straightforward
because it is generally the level with extreme recorded displacements. How-
ever, when dealing with three-directionally excited cable-stayed bridges, this
point is not obvious; it is proposed here to establish the control point as the
point with maximum modal displacement for the speci�c studied mode along
its dominant direction (de�ned in section 6.4.4.1). Therefore, optimized con-
trol points are considered by this proposal, which are generally di�erent from
one vibration mode to another.

• In order to idealize the pushover curves into bi-linear plots, a modi�ed `Equal
Area' rule (�gure 6.11(a)) was proposed to represent more properly the ac-
tual curves obtained in cable-stayed bridges. In light of an extensive number
of capacity plots extracted from these structures (�gure C.10, for example,
presents typical resulting pushover curves), the ideal elastic sti�ness has been
established as 75 % of the initial one in the real curve, which presents a grad-
ually decreasing slope caused by progressive development of plastic hinges at
di�erent locations along the tower. Figure 6.11(a) illustrates the idealization

40In light of preceding discussions included in chapters 4 and 5, the contribution of modes above
20 Hz in cable-stayed bridges models is not signi�cant; considering the limit frequency in advanced
pushover as 25 Hz is therefore a safe assumption.
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rule of the capacity plots employed in the present thesis, whereas �gure 6.12(a)
represents a resulting bi-linear plot.

The detailed step-by-step description of the MPA implemented in the study of
cable-stayed bridges has been moved to appendix G for the sake of readability.

6.4.2 Extended Modal Pushover Analysis: EMPA

An Extended Modal Pushover Analysis (EMPA) is proposed in this thesis in or-
der to fully take into account the multi-directional seismic excitation üTg (t) =

(üXg , ü
Y
g , ü

Z
g ). Neglecting the contributions of one speci�c mode in directions di�er-

ent than the characteristic one (like original modal pushover suggests) is reasonable
in regular buildings, where two well de�ned �exure planes are present, but could
be misleading in irregular buildings or in bridges with strong modal couplings like
cable-stayed bridges. Indeed, vibration modes with transverse �exure of the towers
and the deck present a characteristic interaction with the girder torsion (see �gures
4.3(c) and 4.4(e)) due to the coupled response exerted by the cable-system41. Other
modes with signi�cant interactions are present in cable-stayed bridges, and two or
three accelerogram components at the same time may contribute signi�cantly to the
response in these modes, but MPA would discard secondary sources of the seismic
response42. EMPA has been designed as an attempt to incorporate these e�ects.

Finishing with the motivation, note that although φn is the modal displacement
vector in a transverse, longitudinal or vertical mode, it could have non-zero com-
ponents in the other two directions, although much smaller than the dominating
ones. Hence, the load distributions of vibration modes are three-dimensional as it
is schematically represented in �gure 6.14(a), particularized for a transverse mode
(DRn = Y ); the extended modal pushover (EMPA) considers the full excitation vec-
tor, whereas the original version (MPA) would assume the longitudinal and vertical
components equal to zero in this mode (i.e. s∗nX = s∗nZ = 0 in MPA if DRn = Y ).

EMPA is based on the same principles than MPA, but considering the system
of dynamics under general simultaneous three-directional ground motions43. The
seismic excitation vector Peff (right part of expression (6.1)) is now the sum of three
terms, each one corresponding to the three components of the seismic excitation:

Peff (t) = −mιX üXg (t)−mιY üYg (t)−mιZ üZg (t) (6.39)

Where ιj [6N × 1] is the displacement vector of the structure when the unit
movement is imposed in all the foundations in direction j (j = X,Y, Z). The spatial

41The longitudinal response of the towers, parallel to the tra�c, is clearly coupled with the verti-
cal �exure of the deck through the cable-system, but if the deformation in the towers is symmetric,
the one in the deck is antisymmetric, and vice versa (see �gures 4.3(b) and 4.3(a) respectively).
Consequently the movements are balanced in antisymmetric responses and the participation factors
in vertical and longitudinal directions are not signi�cant at the same time in any mode.

42MPA selects one pushover direction (the dominant for each mode) and neglects the others.
43EMPA addresses the three-axial excitation directly, without simplifying the problem by con-

ducting separate in-plane pushover analyses.
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(a) Load distribution; s∗n (b) Resulting control point dis-
placement; ūrn

Figure 6.14. Schematic three-dimensional features of extended modal pushover analysis

(EMPA) for a transverse n-mode (DRn = Y ). V̄bn and ūrn are respectively the magnitude

of the base-shear and control point displacement in the 3D pushover.

variability of the seismic action is not considered here, and thus the displacements
prescribed at ground level are the same at all foundations.

Considering the 3D modal expansion of the excitation vector, the system of
dynamics is expressed as:

mü + cu̇ + fS (u, u̇) = −sX üXg (t)− sY üYg (t)− sZ üZg (t) (6.40)

Where sj = mιj was de�ned in expression (6.32), pre-multiplying each term of
that equation by φTn , and considering the orthogonality of the mass matrix, Γjn is
obtained (also included in chapter 4):

Γjn =
φTnmι

j

Mn
; with j = X,Y, Z (6.41)

Introducing the expanded vectors sX , sY , sZ (eq. (6.32)) in expression 6.40:

mü + cu̇ + fS(u, u̇) =

−
(

6N∑
i=1

ΓXi mφi

)
üXg (t)−

(
6N∑
i=1

ΓYi mφi

)
üYg (t)−

(
6N∑
i=1

ΓZi mφi

)
üZg (t)

(6.42)

Again, pre-multiplying by φTn and taking into account the orthogonality prop-
erties:
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φTnmü + φTncu̇ + φTn fS(u, u̇) =

−Mn

(
ΓXn ü

X
g (t) + ΓYn ü

Y
g (t) + ΓZn ü

Z
g (t)

)︸ ︷︷ ︸
ü∗g,n(t)

(6.43)

EMPA extends the original methodology to consider the three-directional earth-
quake excitation by means of an equivalent acceleration history ü∗g,n (t) (which de-
pends on the modal properties and the earthquake record).

So far the procedure is exact, but again the nonlinear modal coupling is neglected
at this point and a set of J (J < 6N) relevant modes is considered:

un(t) =

J∑
i=1

φiq̄i (t) ≈ φnq̄n (t) (6.44)

q̄n being a generalized coordinate which takes into account the three-dimensional
nature of the mode shape φn, being de�ned in expression (6.49) below. The uncou-
pled SDOF system from (6.43) and (6.44) is obtained as follows44:

¨̄qn + 2ξnωn ˙̄qn +
F̄sn
Mn

= −ü∗g,n (t) (6.45)

The procedure now takes into account the three components of the 3D pushover
analysis (�gure 6.14) by means of F̄sn = φTn fS(q̄n, ˙̄qn), without neglecting the com-
ponents di�erent from the dominating one (DRn). The bar symbol over F̄sn is
established in order to di�erentiate it from the unidirectional pushover in MPA. In
fact, the capacity curve, which de�nes the required relationship F̄sn/Mn, is obtained
in a di�erent way than MPA, taking into account the aforementioned contributions
of the excitation vector in all available degrees of freedom. In order to do that,
three capacity curves are recorded in a single pushover static analysis of each mode,
associated with the longitudinal, transverse and vertical directions; (V X

bn − uXrn),
(V Y
bn − uYrn), (V Z

bn − uZrn), as it is depicted in �gure 6.14, where V j
bn and ujrn are re-

spectively the total base shear (considering all the supports) and the displacement
of the control point in the j-direction during the 3D analysis of nth mode. The
control point for each mode is selected with the same criteria discussed in MPA; it
is the node with peak modal displacement (excluding the rotations and regardless
of the direction where it is recorded).

Once these 2D capacity plots45 are obtained, they are transformed into coordi-
nates Fsn/Mn − qn:

F jsn
Mn

=
V j
bn

Ljn
; with j = X,Y, Z (6.46)

44Here, it may be observed why the theoretic development of EMPA do not continued with the
introduction of Dn = Γnqn, as Chopra and Goel [Chopra 2002] did in MPA, since there are three
participation factors Γj

n (j = X,Y, Z) involved.
45These 2D plots are the projections of the 3D pushover analysis (�gure 6.14).
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qjn =
ujrn

φjrn
; with j = X,Y, Z (6.47)

ujrn and φ
j
rn being respectively the displacement and normalized modal displace-

ment of nth mode in direction j at the control point corresponding to this mode,
Ljn = φTnmι

j .
In order to introduce the information of the 3D pushover in expression (6.45), a

modular capacity curve (F̄sn/Mn − q̄n) is suggested:

F̄sn
Mn

=

√(
FXsn
Mn

)2

+

(
F Ysn
Mn

)2

+

(
FZsn
Mn

)2

(6.48)

q̄n =

√
(qXn )2 + (qYn )2 + (qZn )2 (6.49)

Where F jsn(t) and qjn(t) are the projection in j-direction of the 3D pushover
capacity curve, obtained with eqs. (6.46) and (6.47) respectively.

This modular capacity curve includes information of each 2D curves in the nth
mode, and allows the de�nition of the equivalent SDOF expressed in (6.45), which
integrated in time domain considering the equivalent accelerogram ü∗g,n (t), results
in the modular generalized displacement demand max

t
[q̄n(t)]. The modular target

displacement marking the end of the three-dimensional pushover analysis (see �gure
6.14(b)) is then:

ūmax
rn = φ̄rn max

t
[q̄n (t)] (6.50)

Where φ̄rn =
√

(φXrn)2 + (φYrn)2 + (φZrn)2.
The rest of the steps, combining modal maxima and considering higher mode

e�ects, coincide with MPA method46. The same distribution of the modal range
presented in MPA (�gure 6.13) is employed in this extended version, discerning
between modes which require pushover analysis, spectrum analysis or ignored fre-
quencies. EMPA procedure is detailed in step-by-step form in appendix G.

6.4.3 Coupled Nonlinear Static Pushover: CNSP. A new method

MPA neglects the interaction between the modes, superposing modal contributions
just as it is done in modal elastic analysis, accordingly, capacity curves typically
overestimate base shear values [Hernandez-Montes 2004]. The proposed extension of
this procedure (EMPA), despite considering the contributions of vibration modes in
directions di�erent from the principal one, besides the associated e�ect under three-
dimensional seismic excitation, also assumes the di�erent modes uncoupled and

46One remarkable di�erence between MPA and its suggested extension, is that EMPA do not re-
quire the selection of the characteristic direction of each mode DRn (except to obtain the governing
transverse and longitudinal modes in order to cover all the important frequencies with pushover
analysis), since the three components of the expanded modal vector are included.
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pushover is performed separately for each mode. It is valid to study the longitudinal
and transverse �exure separately and then combine the results if the response of a
multi-axially excited structure is elastic, but in the material nonlinear range this
is conceptually wrong since the neutral axis of the section is no longer �xed in
both responses during the earthquake; the damage exerted to the tower due to its
longitudinal �exure unavoidably a�ects the transverse response, and vice versa. In
order to overcome this drawback, and consider the nonlinear interaction between
di�erent modes, the Coupled Nonlinear Static Pushover (CNSP) is proposed here,
rooted on extended modal pushover (EMPA, presented above) and the proposal of
Huang and Gould [Huang 2007].

Like in other modal pushover, �rst a modal analysis is carried out in order to
select the governing modes, but now, only these dominant modes are selected for
the pushover analysis; one in the transverse direction (φnY ) and the other in the
longitudinal one (φnX), as it is shown in �gure 6.18. Once the governing modes have
been selected, their load distribution is �rstly obtained by expanding separately the
excitation vector, retaining its three-dimensional nature, as it is done in EMPA:

s∗nY = mφnY

s∗nX = mφnX

(6.51)

The �nal coupled load pattern (s∗C) results from the algebraic weighted addition
of both modal excitation vectors in order to obtain a coupled response in longitudinal
and transverse directions during the nonlinear static analysis. These components
are multiplied by the factor Λ, which takes into account the di�erence in the spectral
accelerations associated with each governing mode [Huang 2007]:

s∗C = ΛY s
∗
nY + ΛXs

∗
nX (6.52)

ΛY =
SaY

max(SaY , SaX)

ΛX =
SaX

max(SaY , SaX)

(6.53)

Where SaX and SaY are respectively the spectral acceleration associated with
the governing longitudinal (nX) and transverse (nY ) modes47.

Figure 6.15 schematically represents the excitation vectors of governing trans-
verse and longitudinal modes along with their algebraic combination, highlighting
the three-directional components of the expanded vector in both governing modes,
as it was considered in EMPA.

47The component in j-direction of the coupled excitation vector (s∗ jC ) is obtained by considering
the corresponding Λ applied to this direction, i.e. considering the acceleration spectrum in direction
j when expression (6.53) is applied (if j = X,Y the spectrum selected is the horizontal one, if j = Z

it is the vertical spectrum).
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Figure 6.15. Schematic three-dimensional coupled load distribution s∗C in CNSP. ¯̄VbC is

the magnitude of the base-shear in the 3D coupled pushover.

Analogously to EMPA, it is noteworthy that although φnY is the modal dis-
placement vector of the transverse governing mode (nY ), it could have non-zero
components in other directions (analogous considerations apply to φnX). Therefore,
the load distributions of the two selected modes are three-dimensional, as it is rep-
resented in �gure 6.15. The coupled load pattern in one of the studied cable-stayed
bridges is schematically illustrated in �gure 6.16. Despite it is di�cult to show, each
node of the full model (deck, tower and cable-system) has six imposed loads, three
forces and three moments, obtained with expression (6.52).

An inelastic static analysis of the structure subjected to the coupled load pattern
s∗C is conducted, which implies that only one nonlinear static calculation is carried
out in the coupled pushover, whilst in MPA and its proposed extension, such calcu-
lation needs to be repeated as many times as the number of modes that fall below
fgov (6.38) (typically between 10 and 15 times in cable-stayed bridges, in light of
tables 6.1 and 6.2).

The coupled capacity curve resulting from CNSP (right part of �gure 6.15) in-
volves two vibration modes (i.e. two DOF). Unfortunately, pushover procedures
presented so far deal only with one DOF. Several authors proposed solutions for
coupled capacity curves; Lin and Tsai [Lin 2008] suggested a three DOF system
which inevitably increase the complexity of the pushover analysis; more practically,
Huang and Gould [Huang 2007] extracted the transverse and longitudinal compo-
nents of the coupled pushover, and obtained the transverse and longitudinal in-
elastic displacement demands employing the `capacity method' included in ATC-40
[ATC 1996] (brie�y introduced in appendix F).

The proposal of Huang and Gould [Huang 2007], apart from being rooted on
the capacity spectrum method of ATC-40 (which may yield misleading results
[Chopra 2007]), is not valid here; these authors considered only the characteris-
tic dominant direction of each governing mode and, therefore, the projections of the
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Figure 6.16. Coupled load distribution s∗C used in CNSP method applied to one of the

studied cable-stayed bridges (Y-CCP model, soft soil (TD), main span LP = 200 m). The

imposed moments are not represented in order to improve the clarity, for the same reason

the vertical loads are removed from the detail of the tower.

coupled capacity curve along the principal axes were directly the contributions of
each mode. However, CNSP involves all the components in the excitation vector of
each governing mode, not only the dominant direction, which complicates the pic-
ture somewhat48. The following solution is proposed at this point; the contributions
of each dominant vibration mode to the transverse and longitudinal projections of
the coupled capacity pushover curve (see �gure 6.15), are computed by multiplying
the projection of the curve in j-direction (V j

bC − ujrC) by a factor expressing the
global weight of both modes in this direction (included in appendix G, expression
(G.12)).

The two-degree of freedom coupled problem is then dissociated in two equivalent
SDOF systems, one related to the transverse mode and the other to the longitu-
dinal one, but retaining the e�ect of �exure interaction between both directions.
Summarizing the philosophy of CNSP; (i) the inertia forces associated with the
governing modes are combined by means of expression (6.52); (ii) with this load
pattern, one coupled pushover analysis is performed, obtaining the coupled capac-
ity curve ( ¯̄VbC − ¯̄urC) and its corresponding projections in the principal directions
(V j
bC − u

j
rC); �nally, (iii) this curve is disaggregated taking into account the weight

of both modes in each direction and subsequently obtaining the nonlinear spring

48The complication arises because the weight of each mode in the longitudinal and transverse
projection of the base shear magnitude ( ¯̄VbC) and control point displacement (¯̄urC) during the 3D
coupled pushover is not known.
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behaviour of two equivalent SDOF systems, corresponding to the longitudinal and
transverse responses respectively. Each one of these two SDOF systems is indepen-
dent, but its de�nition was in�uenced by the other SDOF through the nonlinear
coupled e�ect. Figure 6.17 aims to represent this procedure in CNSP.

Figure 6.17. Summary of the CNSP philosophy. ¯̄VbC and ¯̄urC are respectively the magni-

tude of the base-shear and control point displacement in the 3D coupled pushover.

The displacement is measured simultaneously in two points during the coupled
pushover, corresponding to the control points of the longitudinal and transverse gov-
erning modes (selected according to EMPA described above). Once the nonlinear
behaviour of both SDOF systems associated with each governing mode is estab-
lished, they are respectively subjected to the equivalent accelerograms ü∗g,nX and
ü∗g,nY (expression (6.43)). Subsequent steps made from this stage are analogous to
EMPA, repeating the process of the modular capacity curve only in both govern-
ing modes, obtaining at the end their contribution to the global response (rnX and
rnY ), which is combined by means of CQC rule, according to MPA and its proposed
extension, to obtain the total nonlinear contribution; rnl.

It should be noted that the same basic assumption introduced in MPA and
EMPA is made here; the nth-component of the expanded excitation vector is sup-
posed to excite only the nth vibration mode, which allows the de�nition of the
longitudinal and transverse independent SDOF, however, in CNSP this assumption
is made only for the two governing modes, whereas in MPA or EMPA it is repeated
typically more than 10 times in cable-stayed bridges (see tables 6.1 and 6.2).

On the other hand, the participation in the response of any mode di�erent from
the governing ones, and below 25 Hz, is deemed to be elastic in this coupled pushover.
Spectrum analysis is performed to obtain the contribution of these modes (assumed
elastic) to the global response (rel), as it is schematically illustrated in �gure 6.18.
Considering the e�ect of modes di�erent than governing ones to be fully elastic falls
on the safe side, since if this hypothesis is not true, and any other mode causes
nonlinear excursions, its participation will be smaller than the corresponding elastic
one considered in CNSP.
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Figure 6.18. Scheme of mode selection in the proposed CNSP (in this case nX > nY but

it could be reversed).

Finally, the combination of the inelastic modal contribution (rnl), and the elastic
participation (rel) of modes below 25 Hz and di�erent than the governing ones, is
carried out with SRSS rule. By employing SRSS rule, we are tacitly considering
independent both linear and nonlinear responses, which is questionable in some
cases where governing periods are close to other modes judged elastic. This could
be undoubtedly a source of errors but it has to be highlighted that less combinations
between modal responses, sometimes inelastic and thus questionable, are needed in
CNSP and the �nal goal of simplicity in pushover analysis should not be forgotten.

A detailed step-by-step presentation of the CNSP is included in appendix G.

6.4.4 Discussion of the results

The aforementioned pushover procedures have been implemented in the proposed
cable-stayed bridges with central cable-system arrangement (CCP), considering rocky
and soft foundation soil. The main spans studied are 200, 400 and 600 m.

The integration of the nonlinear equivalent SDOF system (expressions (6.34) and
(6.45)), in order to obtain the target displacement, has been performed by employing
an ad hoc computer code in Matlab [Matlab 2011]. Linear acceleration method is
implemented in order to resolve step-by-step the equation of dynamics whilst the
algorithm proposed by Simo and Hughes [Simo 1998] is performed in each time step
to consider the nonlinear spring behaviour and its dependency with the history of
the response, Fsn(qn, q̇n). A brief presentation of the implemented algorithm has
been included in appendix H, besides information about the combined kinematic
hardening properties of the nonlinear SDOF system.

Before getting into the results obtained with di�erent pushover strategies, a
discussion about the selection of governing modes follows.
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6.4.4.1 Selection of governing modes

The study about the contributions of each vibration mode to the global response,
considering the speci�c seismic action applied49, is a paramount stage prior to the
pushover analysis, specially dealing with tree-axially excited bridges. The dominant
vibration modes are rather obvious in building structures; generally the �rst mode
in each direction is the most contributing one [Chopra 2007]. However, this is not
the case in cable-stayed bridges, where members with very di�erent �exibilities are
involved (deck, towers and cable-system), presenting signi�cant interactions (see
section 2.2.1).

Prior to the identi�cation of the governing modes, the characteristic direction of
each mode should be distinguished. Here, the following is proposed; the dominant
direction for the nth mode (DRn) is assigned as the degree of freedom associated
with the maximum value of the participation factor in each direction (excluding the
ones related to the rotations):

ΓDRn = max
j

(
Γjn
)

; with j = X,Y, Z → DRn (6.54)

A valuable sight of the most demanding modes is obtained by analyzing the
contribution of each vibration mode to the global response, in terms of seismic forces,
when the bridge is subjected to a speci�c earthquake; if only modal participation
factors (Γjn) were used to study the importance of each mode, the di�erence in
the spectral acceleration corresponding to each vibration period for the considered
ground motion would be lost. In this section, the contribution of each mode to
the global response is addressed by means of elastic spectrum analysis (MRSA),
including only the considered mode in the calculation. For comparison purposes, the
global response is assumed the result of MRSA involving all modes with frequency
lower than fmax = 25 Hz.

Governing modes in longitudinal and transverse directions are selected respec-
tively as the ones with larger contributions to the longitudinal (VX) and transverse
seismic shear (VY ) along the height of the tower50. In this procedure, spectrum
analysis is repeated considering exclusively each single mode, which is not computa-
tionally demanding. However, an alternative simpli�ed possibility for the selection
of governing modes will be explored at the end of this section.

Figure 6.19 presents the global and modal contributions to the transverse shear
along the tower in two models with and without lower diamond. Mode No. 13 is
clearly the governing one in transverse direction (nY = 13) in the bridge considered
in �gure 6.19(a), but the decision is more questionable in the case represented in
�gure 6.19(b); looking at the seismic forces around the foundation level, the mode
number 14 is the transverse governing one in this bridge (nY = 14).

49Modal analysis of the proposed models was presented in chapter 4, however, it was neglected
the relationship between modes and their associated spectral accelerations, which is addressed here.

50The behaviour of the towers in cable-stayed bridges presents couplings between their transverse
�exure and axial load because of the frame e�ect, and in lower extent between its longitudinal
�exure and axial load due to the e�ect of cable-system (chapter 7).
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(a) Extreme transverse seismic shear VY . Y-CCP model

(b) Extreme transverse seismic shear VY . YD-CCP model

Figure 6.19.Modal contributions in bridges with central cable-system, obtained with spec-

trum analysis; extreme transverse seismic shear (VY ). LP = 400 m and θZZ free. Soft soil

class (TD).

In some cases (e.g. �gure 6.19(b)) the response is not clearly dominated by
one governing mode, instead, a couple of modes contribute signi�cantly (which may
be detrimental for the accuracy of the proposed coupled pushover, CNSP, as it is
discussed further in section 6.4.4.2). In order to address the contribution level of the
governing modes with respect to the global corresponding response, it is proposed
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Model LP fmax [Hz] fgov [Hz] nX V̂X,nX/V̂X,tot nY V̂Y,nY /V̂Y,tot
200 25 1.65 8 0.50 3 0.76

Y-CCP 400 25 1.25 9 0.57 13 0.97
600 25 0.80 11 0.64 9 0.73
200 25 2.0 13 0.65 3 0.93

YD-CCP 400 25 1.39 12 0.50 14 0.63
600 25 0.83 10 0.46 4 0.67

Table 6.1. Governing longitudinal and transverse modes in several cable-stayed bridges,

besides data obtained from spectrum analysis. Soft soil (TD). The base shear ratio

(V̂X,nj/V̂j,tot) is obtained from eq. (6.55).

Model LP fmax [Hz] fgov [Hz] nX V̂X,nX/V̂X,tot nY V̂Y,nY /V̂Y,tot
200 25 1.65 8 0.54 3 0.64

Y-CCP 400 25 1.27 8 0.46 13 0.94
600 25 0.77 10 0.55 9 0.71
200 25 2.1 13 0.56 3 0.84

YD-CCP 400 25 1.3 12 0.38 6 0.49
600 25 1.2 17 0.35 4 0.62

Table 6.2. Governing longitudinal and transverse modes in several cable-stayed bridges,

besides data obtained from spectrum analysis. Rocky soil (TA). The base shear ratio

(V̂X,nj/V̂j,tot) is obtained from eq. (6.55).

to compute the averaged ratio between the contribution of each single governing
mode to their representative base shear (VX,nX or VY,nY ) and the total response in
this section (VX,tot or VY,tot). This factor depends on the speci�c section (as it may
be observed in �gure 6.19), hence an average factor is proposed by including the
results along the full height of the tower (excluding the transverse struts):

V̂j,nj

V̂j,tot
=

Nnod∑
k=1

V k
j,nj

V k
j,tot

Nnod
; with j = X,Y (6.55)

Where Nnod is the number of nodes along the height of the tower FEM, and `k'
is the tower section.

According to the theoretical description presented above, CNSP accuracy is ex-
pected to be increased if the contribution of the governing modes is important, i.e.
when the ratios proposed in expression (6.55) are close to the unity. The results are
collected in tables 6.1 and 6.2 for the studied models.

The following useful conclusions may be extracted from data presented in tables
6.1 and 6.2, prior to any nonlinear seismic calculation; (i) the transverse response
is largely dominated by a single governing mode (nY ) whilst in the longitudinal
direction this is not as clear, probably due to the coupling between the deck and the
tower through the cable-system; (ii) the order of the longitudinal governing mode
(nX) is usually higher than the transverse one (nY ), and marks the end of the
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frequency interval (fgov) which needs to be studied with pushover analysis in MPA
and EMPA; (iii) if the foundation soil is sti�er, the contribution of governing modes
to the overall response is generally lower, mainly due to the spectral acceleration
reduction from soft to rocky soil in the area where these modes appear, between
0.5 and 1.5 seconds in the studied bridges, (see �gure 5.1); and (iv) towers with
lower diamond are sti�er than models without this element, which is re�ected in
the increase of the limit frequency fgov, and typically also in the number of modes
inside the interval to be studied in pushover analysis in MPA and EMPA.

The higher mode e�ect of frequencies between fgov and fmax is appreciable, as it
has been observed by comparing their modal contributions with spectrum analysis.
For the sake of brevity, the results of this comparison are not presented, but the
following should be mentioned; the higher mode contribution is specially impor-
tant in the transverse response of cable-stayed bridges towers with lower diamond
(achieving contributions up to 20 % of the total response), because the great trans-
verse sti�ness of this element can only be fully excited by high-order modes (which
also involve movements in the foundation, chapter 4). Usually the upper part of
the towers, where the cables are anchored, is more sensitive to higher mode e�ects,
analogous results have been obtained by other researchers in the top stories of high-
rise buildings [Chopra 2007]; the constraint exerted by the cable system, and the
consequent increase of sti�ness, could explain the larger contributions of high-order
modes in longitudinal direction along the tower anchorage area51.

The spectrum analysis (MRSA) should be theoretically repeated for all the
modes below fmax = 25 Hz, but from a practical point of view, considering the
�rst thirty modes is enough in order to ensure the appropriate study of the govern-
ing modes in each direction for the proposed cable-stayed models. No more than
three or four minutes are required due to the agility of MRSA (section 6.4.4.3). How-
ever, programming capabilities are required to automatize the procedure, which may
compromise the utility of proposed pushover strategies for the designer. Therefore,
the following rule was explored to estimate the governing modes by using exclusively
modal properties and seismic input spectra; the highest participation factor for each
mode (excluding the ones associated with rotations) is multiplied by the spectral
acceleration associated with the corresponding frequency, the maximum value of
this parameter between all the vibration modes suggests the governing frequencies
in each direction. A good correlation between the modes selected by this simpli�ed
procedure or with MRSA (tables 6.1 and 6.2) has been observed, but it cannot be
ensured in all the cases. More structures should be considered in order to verify
properly this procedure.

6.4.4.2 Comparison of the extreme seismic response

Now, the extreme seismic forces obtained with described pushover methodologies
and the reference `exact' result (nonlinear dynamics, NL-RHA) are compared, ex-

51An analogous e�ect was observed in the study of the spatial variability, section 3.6.
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cluding the e�ect of the gravity loads rG. The standard deviation52 (σ) of the twelve
results required in NL-RHA to compute the average is about 10 % of such value in
all the cases (σ ≈ 0.1µ), like in elastic analysis (section 6.3.5.1). The same twelve
records employed in nonlinear dynamics have been also applied in the integration
of expressions (6.34) and (6.45), obtaining analogous dispersion of the results in
pushover analysis. Only the mean values (µ) are presented in this section.

First, in �gure 6.20 the extreme response obtained with three main strategies
is compared; pushover proposed by di�erent codes with two load patterns (see ap-
pendix F), advanced pushover methods (MPA, EMPA and CNSP) and rigorous
nonlinear dynamics (NL-RHA). Triangular load pattern is considered inappropriate
in the analysis of cable-stayed bridges, since it has been observed that the dominant
modes in the transverse and longitudinal response of the towers have sign reversals
in their modal displacements along the height53, therefore it has not been considered
in this research. The improvement in the results obtained with advanced pushover
(either MPA, EMPA or CNSP) is clear in comparison with the simpli�ed strategies
proposed by di�erent codes, particularly if the `Uniform' load pattern is employed
(s∗j = mj), because the distribution of inertia forces is not realistically predicted54.
The code-pushover procedures have been applied to other cable-stayed bridge mod-
els, typically leading to under-predictions of the seismic forces ranging from 10 to 90
%, which is completely inadmissible. It should be admitted however, that pushover
analysis proposed in seismic codes and guidelines are not directly applicable to
cable-stayed bridges, Eurocode 8 [EC8 2005a] speci�cally precludes its use in these
structures due to the large percentage of mass concentrated in the towers. Further-
more, the higher mode contribution have been neglected in code-pushover presented
in �gure 6.20.

Next, some results of the comparison between the extreme seismic forces obtained
with advanced pushover procedures are presented in �gures 6.21 to 6.25.

The most important aspect to note is the good correlation between advanced
pushover and reference nonlinear dynamics (NL-RHA), typically ranging the er-
rors from 10 to 20 % (normally on the safe side), which is an outstanding result
taking into account that the deviation of the reference results rounds 10 %. This
means that, in many cases, the sti�ness of the studied bridges is not strongly re-
duced due to the inelastic seismic demand, or in other words, it is valid to consider
the initial elastic modal properties unchanged during the earthquake, and adaptive
pushover strategies are not required. Furthermore, these good results verify the
basic hypothesis made in advanced pushover; the nth-component of the expanded
excitation vector (s∗n) mainly excites the nth vibration mode, and hence the reduc-
tion of the system of dynamics to a SDOF equation is acceptable. It should be
noticed, however, that the accuracy of these assumptions may be compromised by

52The standard deviation is not graphically presented in this section in order to improve the
readability of the results.

53See the detail of the tower load pattern in �gure 6.16.
54Like the triangular pattern, it does not take into account the sign reversals of the expanded

excitation vector.
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Figure 6.20. Extreme seismic transverse shear (VY ), obtained by means of `exact' nonlinear

dynamic analysis (NL-RHA), code-pushover (`Principal Mode' and `Uniform' load patterns)

or advanced pushover; modal pushover (MPA), extended modal pushover (EMPA) and

coupled pushover (CNSP). Model `Y-CCP' with LP = 400 m. Soft soil class (TD).

higher levels of inelastic demand, which is the reason behind the deterioration of
the results obtained with advanced pushover analysis in models with lower diamond
and short spans55 (see �gure 6.22).

The axial load in extended modal pushover (EMPA) is, in some cases, signi�-
cantly more accurate than the corresponding MPA result, probably due to the cou-
pled response between the transverse and torsional �exure of the deck (see �gures
4.3(c) and 4.4(e)); both the transverse and vertical components of the excitation
vector contribute to the axial load in the towers through these important vibra-
tion modes, being routinely discarded one of these directions in MPA, but included
in the extended version. Figure 6.25 highlights an example where EMPA clearly
improves the prediction of the axial load. However, the seismic shear forces and
bending moments o�ered by MPA are generally very close to the results of EMPA
because the contributions of the �rst vibration modes in directions di�erent than
the characteristic one (DR) are normally reduced. Two reasons cause this e�ect
from the mathematical point of view in modes governing shear forces, which are
described in expression (6.56); (i) the accelerogram applied to the SDOF is nearly
the same in both procedures, eq. (6.56a); and (ii) the load pattern is concentrated
in the dominant direction, resulting 2D nonlinear static analysis also in EMPA, eq.
(6.56b). More graphically, the reader may �nd the explanation in the �rst seven
vibration modes presented in �gures 4.3 and 4.4, where the uncoupled behaviour

55The reasons for the increased seismic demand in models with lower diamond and LP = 200 m
are discussed in chapters 7 and 8.
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between the longitudinal and transverse �exure of the towers was appreciated.

ΓDRn
n >> Γjn if j 6= DRn → ü∗g,n (t) ≈ ΓDRn

n üDRn
g (6.56a)

sDRn
n >> sjn if j 6= DRn →


F̄sn
Mn
≈ FDRn

sn

Mn
q̄n ≈ qDRn

n

(6.56b)

As it was expected, the coupled pushover (CNSP) generally yields seismic forces
larger than MPA and its proposed extension, because the contribution of the �rst
modes di�erent than the governing ones is assumed merely elastic. However, the
ability of CNSP to consider the nonlinear interaction between the transverse and
longitudinal �exure of the tower improves its accuracy in many cases (see �gures
6.20, 6.21 and 6.23), which are closely related to the structures strongly dominated
by the governing modes presented in tables 6.1 and 6.2, this situation is ideal for
CNSP. On the other hand, if vibration modes di�erent than the governing ones
contribute with signi�cant nonlinear response, CNSP may over-predict the response
in the same extent, which is typical in the lower diamond of towers with this mem-
ber (see �gures 6.22 and 6.24 for example). The same phenomenon is behind the
improved CNSP accuracy in the prediction of the transverse response (VY and N)
in comparison with the longitudinal one (VX), nonetheless, CNSP is usually better
than MPA and EMPA predicting the longitudinal shear (VX , see �gures 6.23 and
6.24) and bending moment (MY Y ).

Comparing the results obtained between di�erent models, the following is ob-
served; (i) advanced pushover predictions are worst in the area below the deck of
cable-stayed bridges with lower diamond and moderate spans (as it was already
mentioned, see �gure 6.22), likely due to complex inelastic e�ects in the connec-
tions between the inclined legs and the vertical piers of these models (see section
8.3.1); (ii) the e�ect of the main span and the foundation soil is not clear and more
structures should be considered.

Dealing with the applicability of advanced pushover analysis more in depth, it
should be remarked that these nonlinear static procedures are able to take into
account the e�ect of seismic dissipative devices (e.g. yielding metallic dampers,
MD), since their contribution to the inelastic response is captured in the pushover
and the hysteretic damping is included by means of the numerical integration of
the equivalent SDOF in time-domain. However, they are not recommended when
velocity-dependent devices are incorporated (e.g. viscous �uid dampers, VD), since
such e�ects are not captured in the static push of the structure. Currently, there
are attempts in seismic guidelines (e.g. FEMA-356 [fem 2000]) in order to study
structures with velocity-dependent dampers by means of static equivalent pushover
analysis, but in a very simplistic manner.



174 Chapter 6. Seismic analysis

Figure 6.21. Extreme seismic transverse shear force (VY ) along the height of the tower

for di�erent main spans (LP ). Model Y-CCP. Soft soil class (TD). Comparison between

`exact' nonlinear dynamics (NL-RHA) and advanced pushover strategies; modal pushover

(MPA), extended modal pushover (EMPA) and coupled pushover (CNSP).

Figure 6.22. Extreme seismic transverse shear force (VY ) along the height of the tower

for di�erent main spans (LP ). Model YD-CCP. Soft soil class (TD). Comparison between

`exact' nonlinear dynamics (NL-RHA) and advanced pushover strategies; modal pushover

(MPA), extended modal pushover (EMPA) and coupled pushover (CNSP).
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Figure 6.23. Extreme seismic longitudinal shear force (VX) along the height of the tower

for di�erent main spans (LP ). Model Y-CCP. Rocky soil class (TA). Comparison between

`exact' nonlinear dynamics (NL-RHA) and advanced pushover strategies; modal pushover

(MPA), extended modal pushover (EMPA) and coupled pushover (CNSP).

Figure 6.24. Extreme seismic longitudinal shear force (VX) along the height of the tower

for di�erent main spans (LP ). Model YD-CCP. Rocky soil class (TA). Comparison between

`exact' nonlinear dynamics (NL-RHA) and advanced pushover strategies; modal pushover

(MPA), extended modal pushover (EMPA) and coupled pushover (CNSP).
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Figure 6.25. Extreme seismic axial load (N) along the tower height. Model Y-CCP with

LP = 400 m. Rocky soil (TA). Comparison between `exact' nonlinear dynamics (NL-

RHA) and advanced pushover strategies; modal pushover (MPA), extended modal pushover

(EMPA) and coupled pushover (CNSP).

6.4.4.3 Computational cost

Finally, the average CPU calculation time obtained for advanced pushover and non-
linear dynamics is presented in �gure 6.26. The reduction in the required calculation
time using pushover is dramatic; for a set of twelve records applied to one cable-
stayed bridge model, the CPU time changes from almost a week56,57 in nonlinear
dynamics to less than one hour in pushover analysis, whilst the results are generally
acceptable for design purposes (with the aforementioned exceptions).

Therefore, advanced pushover methodologies (MPA, EMPA or CNSP) are rec-
ommended in the design phase of cable-stayed bridges, in order to explore in a
simpli�ed yet accurate enough manner its nonlinear behaviour. Nonlinear dynam-
ics must not be ignored, and the �nal design of the structure should be veri�ed
by means of this rigorous procedure, specially if inelastic displacement demands
obtained with pushover reveal strong nonlinearities, or if special-purpose seismic
devices are incorporated, in agreement with Eurocode 8 (part 2) [EC8 2005a].

The reduction of the calculation time required in the coupled pushover (CNSP)
is remarkable, compared with MPA and its proposed extension (EMPA); only one
nonlinear static pushover analysis is performed in CNSP, whereas MPA and EMPA
repeat this process (which is sometimes time-demanding) for all the modes below

56The CPU time refers to the same personal computer employed in elastic analysis.
57CPU time is not clearly related to the span, since larger models present more elements but

reduced material nonlinearities.
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Figure 6.26. Average CPU calculation time, expressed in hours, for nonlinear dynam-

ics (NL-RHA) and advanced pushover analysis; modal pushover (MPA), extended modal

pushover (EMPA) and coupled pushover (CNSP). All the studied cable-stayed bridge mod-

els have been considered in the average.

the maximum governing frequency fgov, requiring between 8 to 17 static analyses
(see tables 6.1 and 6.2), leading to CPU times around 8 times higher.

6.5 Conclusions

The general conclusions about the seismic analysis of cable-stayed bridges obtained
in this chapter are summarized next:

Regarding the elastic analysis of cable-stayed bridges:

• The number of vibration modes included in procedures based on modal de-
composition (spectrum and modal dynamic analysis) according to Eurocode
8 speci�cations [EC8 2004] have been validated in cable-stayed bridges, with
one exception; if the transverse seismic response of towers with lower diamond
is explored, it is recommendable to increase the number of considered modes
in order to include frequencies up to 35 Hz (section 6.3.5.1).

• The forces obtained with modal dynamics are higher than the ones associated
with spectrum analysis. Modal dynamics is assumed the reference `exact' pro-
cedure in elastic analysis since the integration is exact (section 6.3.2), and the
number of modes involved is too high to consider the truncation as a source
of errors. From analysis including a large number of models with di�erent
foundation soils, it was concluded that the average error of spectrum analysis
is around 20 % below the reference (section 6.3.5.2). It is noteworthy that
spectrum analysis, which is the preferred tool in the seismic design of any



178 Chapter 6. Seismic analysis

structure, falls on the unsafe side in cable-stayed bridges (in agreement with
other research on building structures). On the other hand, under 3D excita-
tions, the SRSS rule is found appropriate when combining the extreme seismic
response in each principal direction if the main span of the bridge is below 400
m, above, this rule may underestimate the seismic forces (section 6.3.3).

• The direct dynamic analysis results are typically slightly larger (generally 5
- 10 %), but very close, to reference modal dynamics, which validates the
extension of the direct integration procedure in nonlinear range, being the
most rigorous and precise strategy available if nonlinearities are important
(section 6.3.5.2).

• The accuracy of the seismic analysis procedures was found to be independent
of the type of foundation soil, even with large di�erences between the spec-
tra (chapter 5), providing that the synthetic accelerograms are matched to
the target with the same seismological features. The type of cable-system
arrangement, the main span length and the tower shape (with the aforemen-
tioned exception of towers with lower diamond) are not very in�uencing on
the accuracy of elastic procedures (section 6.3.5.2).

• The standard deviation in the results of the procedures based on the history
of the response (modal and direct dynamics), performing twelve analyses to
obtain the average solution, is typically σ = 10 % (section 6.3.5.1).

• The calculation time required in spectrum analysis is largely below the one
associated with modal and, specially, direct dynamics (section 6.4.4.3), mak-
ing the spectral procedure very appealing in the design phase of cable-stayed
bridges, keeping in mind that its results fall on the unsafe side. It is recom-
mended to perform time-domain series of modal dynamic analysis in the �nal
design of the bridge, even if inelasticity is not expected and seismic devices
are not equipped (in agreement with Eurocode 8 [EC8 2005a]). The direct
integration of the system of dynamics is not recommended if the response is
merely elastic, due to its high computational cost.

Regarding the inelastic analysis of cable-stayed bridges:

The contribution of this thesis in advanced pushover analysis (NSP) is three-fold;
(i) the broadly accepted modal pushover [Chopra 2002] in building structures is
adapted to three-directionally excited cable-stayed bridges; (ii) an extension of
modal pushover, referred as EMPA, is suggested to fully consider the three-dimensional
e�ect of the vibration modes and the seismic excitation; and (iii) a new procedure,
named CNSP, is proposed in order to take into account the nonlinear couplings
between governing longitudinal and transverse modes.

The following conclusions are drawn from this study about 3D pushover proce-
dures in large cable-stayed bridges:
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• If inelastic demand of the cable-stayed bridge is expected, nonlinear dynamics
is the most rigorous methodology, but the computational time associated is
overwhelming and completely discouraging in the design stage of the struc-
ture, where several details are often changed and the engineer cannot wait
around one week to obtain the solution each time any modi�cation needs to
be addressed. Advanced pushover seems the most reasonable solution for the
seismic design of cable-stayed bridges in nonlinear range; it took only half an
hour to complete the results in modal pushover and its proposed extension,
around ten minutes or less were required in the coupled pushover. The er-
rors introduced in the response predicted by means of advanced pushover are
generally below 20 % in comparison with reference nonlinear dynamics results
(section 6.4.4.2). However, large inelastic seismic demands are detrimental for
pushover strategies, which explains the deterioration of the results in models
with lower diamond and moderate spans.

• The prediction of the axial load in the tower may be improved by the extended
version of modal pushover, due to the simultaneous participation of transverse
and vertical excitation components in modes involving transverse �exure and
torsion in the deck. However, this extension is generally close to the original
modal pushover in terms of shear and bending moments, which means that the
e�ect of the most contributing vibration modes in directions of the response
di�erent from the dominating one is reduced (section 6.4.4.2).

• The coupled pushover typically falls on the safe side with respect to the other
advanced pushover, and normally also in comparison with nonlinear dynamics,
which is an advantage in the design of any structure (section 6.4.4.2). Another
advantage of coupled pushover against modal pushover and its extension, apart
from the minimum calculation time required, is the reduction in the number
of superpositions of nonlinear modal responses by means of combination rules
built upon elastic principles, which are far from rigorous. However, the over-
prediction may be too large in towers with lower diamond, since high-order
modes are required to excite this sti� member; some of them actually introduce
nonlinear response but they are considered elastic in the coupled method. In
light of the results, the proposed coupled pushover (CNSP) is recommended
among other pushover strategies in the study of cable-stayed bridges.

• The contribution of higher modes (between approximately 1 Hz and 25 Hz for
the largest bridges) was observed important and, therefore, pushover should in-
clude this e�ect by means of spectrum analysis, considering their participation
as purely elastic. This response is combined with the inelastic one obtained
by pushing statically the structure up to the target displacement, with load
patterns extracted from the most important modes (section 6.4.4.1).
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• The results obtained from code-compliant pushover procedures may unaccept-
ably under-predict the seismic response (section 6.4.4.2). In fact, cable-stayed
bridges are not directly covered by the pushover analysis speci�ed in the codes
or guidelines revised by the author (e.g. Eurocode 8 [EC8 2005a]).
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7.1 Introduction

So far, the description of the proposed structures, the seismic action imposed and
the available analysis techniques have been presented. This is the �rst chapter
completely devoted to the in�uence of di�erent project decisions in the response of
cable-stayed bridges under ground motions.

Before addressing the complex inelastic response of these models, it seems reason-
able to start the typological study with the linearization of the material properties,
avoiding concrete cracking, and focusing the research on the purely elastic seismic
behaviour of cable-stayed structures. The objective of this chapter is to extract use-
ful conclusions for the design stage, exempt from any material nonlinearity which
could introduce results di�cult to explain in this initial stage of the study.

The chapter starts with a static analysis of the transverse tower response in
section 7.2, establishing the basis of their behaviour, which is immediately followed
by the study of the extreme seismic response of the towers in terms of forces and
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stresses (section 7.3), paying attention to the in�uence of di�erent features of the
structures on their seismic response. Section 7.4 is devoted to the e�ect of each ac-
celerogram component in the global response and section 7.5 studies the variation of
the seismic demand along the tower if smooth or sharp transitions between sections
are de�ned in bridges with lower diamond. The extreme seismic force exerted trans-
versely by the deck against the towers has been addressed in some detail in section
7.6, de�ning the modal contributions in terms of the main span and proposing an
analytical model able to estimate this important force from the geometrical and me-
chanical properties of the structure, the fully integrated expressions resulting from
this procedure are included in appendix I. Section 7.7 is focused on the performance
of the lower strut when this seismic reaction of the deck is divided between both legs
of the tower. Finally, section 7.8 collects the most important conclusions obtained
throughout the chapter.

The default analysis procedure in this chapter is Modal Response History Anal-
ysis (MRHA), which minimizes the errors since the behaviour of the models remains
in the linear range, as it was stated in chapter 6. Only the mean response (µ) is
presented, obtained from the results of the twelve 3D accelerograms generated with
constant damping (section 5.4.3).

The seismic action is three-axially applied, except in sections 7.4, 7.6.2 and 7.6.3,
where only one speci�c component is considered.

7.2 Transverse static response of the towers

Before getting into the seismic response of full 3D cable-stayed bridges, a very simple
study is proposed; the models including exclusively the towers are statically analyzed
in the transverse direction, applying a concentrated load (1 MN magnitude) at the
the level of the deck. The purpose is to obtain valuable information about the global
transverse behaviour of the frame forming the tower, in order to explain the results
presented subsequently in this chapter.

Figure 7.1 illustrates the deformation of the towers subjected to this load, cor-
responding to models with 200 m main span and lateral cable arrangement (LCP)1.
The analysis has been made also for LP = 400 and 600 m.

The following observations, visible hereinafter in the chapter, should be re-
marked;

• The connection point between both inclined legs of the towers above the deck
is strongly constrained in transverse direction due to the geometry, resulting in
reduced displacements at this level. However, if lower diamond is included, this
frame e�ect is lost due to the signi�cant rotation experimented by the point
where the inclined legs and the vertical pier are connected below the deck,
increasing the displacements along the upper part and reducing the forces.

1Towers with central cable-system (CCP) have the same proportions and nearly coincident
sections (only the thickness is somewhat di�erent) in comparison with lateral cable-system bridges
(LCP), thus the static results in models including only the tower yield very similar solutions.
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Figure 7.1. Transverse static deformation of the models under one applied load of 1 MN

at the level of the deck. Dimensions associated with LP = 200 m and LCP models. Defor-

mation enlarged 300 times.

• The slope of the legs in `A'-shaped towers is lower than for homologue inverted
`Y'-shaped towers, and consequently the transverse restraint at the connection
point is lower in the �rst case. `H'-shaped towers are coerced by means of the
transverse struts, which relate both vertical legs forming a Vierendeel beam2.

• As long as the main span is increased, the slope of the inclined legs is reduced
(since the width of the deck remains constant) and consequently the frame
e�ect is decreased, which is the reason behind the increase of the connection
point displacement in transverse direction. The opposite e�ect is observed in
the lower diamond in models with large spans, because the inclination of the
legs below the deck is closer to the vertical, being reduced its rotation capacity.

7.3 Extreme seismic response of the towers

7.3.1 Extreme seismic forces

The comparison of the results in terms of the extreme averaged seismic forces3

(removing the self-weight contribution) is presented here. Again, the amount of
output is overwhelming and it is not reasonable to present the results for all the

2`H'-shaped towers are more �exible than the rest of the models without lower diamond in
transverse direction (considering the point load at deck level), despite they have slightly larger
sections resulting from the study of several constructed cable-stayed bridges (see appendix B).

3The averaged extreme seismic forces are obtained according to the procedure presented in
section 6.3.5.1.
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forces and models, instead, only the axial load and shear forces are illustrated4.
The plots5 depicted in this section collect the results in models with main spans of
LP = 200, 400 and 600 m 6.

The extreme absolute values of transverse shear (VY ) along the tower height are
presented in �gure 7.2 for the models with foundation on soft soil and rotation of the
deck θZZ fully prevented at the abutments. The e�ect of the deck transverse force
against the towers is divided between their legs by means of the lower strut, and it
increases the transverse shear in the tower. The reduction of the transverse seismic
demand above the lower strut in towers with lower diamond, and the corresponding
displacement increment, are due to the concentration of the deformation in the
connection between the vertical pier and both inclined lower legs (dimensionless
tower height7 z∗ ≈ 0.35), creating a rigid body rotation pivoting on this point
which is more pronounced for shorter spans. This e�ect, predicted in light of the
static study in section 7.2, also reduces the seismic demand in the lower strut but
maximizes the seismic forces in the lower inclined piers below this element.

Figure 7.2. Extreme averaged seismic transverse shear force (VY ) recorded along the tower

height for di�erent main spans. Soft soil type D. θZZ �xed in deck-abutments connection.

See �gure 3.2 for the description of model keywords.

The longitudinal shear is collected in �gure 7.3 for the same models presented

4Longitudinal and transverse bending moments are directly related to corresponding shear
forces.

5Di�erent types of towers are presented in the same �gure, thus the longitudinal schematic
elevation of the model is presented (since it is the same for all the cases, unlike the transverse one).

6LP = 300 and 500 m have been also studied and the conclusions include models with these
spans.

7It is useful to employ a dimensionless parameter of the tower height in order to compare towers
with di�erent sizes as the main span varies; z∗ = z/Htot, where Htot is the total height of the tower,
from foundation to top.
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above. The increase of longitudinal forces in the lower diamond is due to the slightly
enlarged sections of the vertical pier in this direction (according to constructed
bridges, see appendix B). The constraint of the cables anchored to the intermediate
piers is also noticeable by the increase of the longitudinal shear force at the level of
their anchorages in the tower (dimensionless height z∗ ≈ 0.85).

Figure 7.3. Extreme averaged seismic longitudinal shear force (VX) recorded along the

tower height for di�erent main spans. Soft soil type D. θZZ �xed in deck-abutments con-

nection. See �gure 3.2 for the description of model keywords.

The transverse �exure of the tower introduces signi�cant axial loads in their
legs because of the frame e�ect, in this sense, the models with lower diamond and
moderate spans reduce this seismic force due to the rigid body motion. Figure 7.4
depicts the seismic axial load in the lower strut; the transverse reaction of the deck
against the towers governs this result, which explains its constant distribution along
the strut. The same trends associated with the action exerted in the towers by the
deck (that will be discussed thoroughly in section 7.6) are also appreciable in �gure
7.4; the increased response recorded in bridges with central cable-system (CCP) is
noticed in advance.

Main di�erences between tower shapes are concentrated in their transverse seis-
mic response, because the geometry in longitudinal direction is nearly the same in
all the cases. Considering the transverse response of the towers, the point where
two inclined legs are connected above the deck restrains the movement, increasing
the seismic forces and decreasing the displacements (as it was expected from section
7.2). In this respect, `A'-shaped towers represent an e�cient solution for moderate
span ranges (below LP = 400 meters).

Models with central cable arrangements (CCP), present larger axial and trans-
verse shear forces (and generally higher seismic demands) compared with the same
models employing two lateral cable planes, due to the increment in the transverse
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Figure 7.4. Extreme averaged seismic axial load (N) recorded along the lower strut for

di�erent main spans. Soft soil type D. θZZ �xed in deck-abutments connection. See �gure

3.2 for the description of model keywords.

force of the deck against the towers, as it will be discussed later in section 7.6.1.

Connection between the deck and the abutments

The connection between the deck and the abutments plays an important role in the
transverse seismic response of the towers, and special attention has been paid on this
aspect. If the longitudinal movement of two deck supports in the same abutment
is constrained (i.e. by means of neoprene supports), the rotation of the deck is also
coerced to some extent. In the extreme case, considering the longitudinal movement
in both eccentric supports completely prevented, the transverse deck rotation would
be avoided8 (θZZ �xed). On the other hand, if POT devices are installed and
the longitudinal movement is released in one of them, the transverse rotation is
completely released (θZZ free)

Figure 7.5 collects the transverse shear force recorded along the height of the
tower in models with `Y'-shaped pylons and central cable arrangement located on
rocky soil, considering di�erent support con�gurations in the abutments. If the
support scheme does not prevent the rotation of the deck about the vertical axis
at the abutments (θZZ free), the transverse force of the deck against the tower
is increased, and correspondingly the seismic forces associated with the transverse
�exure of the tower (i.e. the transverse shear and axial loads) are also higher. This
e�ect is more pronounced as the main span gets smaller, obtaining increases around
40 % in the transverse shear below the deck with the free rotation con�guration of

8The transverse deck rotation is only slightly coerced by means of neoprene supports, but it
could be avoided with speci�c POT con�gurations.



7.3. Extreme seismic response of the towers 189

the deck for models with LP = 200 m, whereas nearly independent results from the
boundary conditions are observed with LP = 600 m. The great �exibility of the
deck at large spans could explain this result, since the movement of long decks close
to the connection with the towers is nearly independent of the constraints at the
abutments. On the other hand, the seismic demand in the deck (near the abutments)
is reduced with the released rotation, which is desirable because it should remain in
elastic range.

Figure 7.5. Extreme averaged seismic transverse shear force (VY ) recorded along the tower

height for di�erent main spans and considering free or �xed transverse rotation (θZZ) in

deck-abutments connection. Rocky soil type A. Central Cable Plane models (CCP).

As it was expected, the longitudinal response of the towers is not in�uenced
by the restraints in the transverse rotation of the deck, but it strongly depends
on the level of restrictions referred to the longitudinal movement at the abutments
[Valdebenito 2009]. This thesis is not focused on this in�uence and the longitudinal
movement of the deck in both abutments is completely restrained (chapter 3).

7.3.2 Extreme total stresses

Despite some trends have been observed by comparing the seismic forces, variations
in the sections between di�erent tower shapes (which have been tried to be mini-
mized, see appendix B) may distort the comparison. On the other hand, the normal
stresses depend both on the seismic forces and the sections, being an appealing
solution to overcome this problem, and to check if elastic limits are exceeded:

σ (x, y, t) =
N(t)

A
+
Mxx(t) y

Ixx
+
Myy(t)x

Iyy
(7.1)

Where N , Mxx and Myy are respectively the axial load, transverse and longitu-
dinal bending moments of the section, whilst A, Ixx and Iyy represent respectively
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the area, the transverse and the longitudinal moments of inertia in the section. Fi-
nally, x and y are the distances from the �ber where the stress is calculated to the
neutral axis of the section, t is the time.

Calculation procedure in time-domain versus spectrum analysis

We are interested in the extreme total stresses (self-weight plus earthquake)9 recorded
in each section, distinguishing maximum and minimum values since the limits mark-
ing the end of the linear response in concrete are not the same in compression or in
tension.

Fortunately, seismic analysis procedures based on the history of the response
give the seismic forces in time-domain, thus expression (7.1) is directly applicable10.
Due to the rectangular shape of the sections, Navier's hypothesis and the elastic
response, the extreme seismic stresses are located in the corners of the section (A,
B, C, D), as it is illustrated in �gure 7.6(a). Minimum and maximum stresses
are not necessarily located in two diagonally opposite corners, since generally they
are not concomitant (i.e. the extreme response in tension or compression in each
section is not generally recorded at the same instant). Figure 7.6(b) presents the
evolution during the earthquake (for the synthetic record No. 1) of the stresses in
the corners due to the earthquake exclusively in one section of a speci�c model.
The symmetry of the seismic response11 is clear from �gure 7.6(b) because of the
alternating action of the records. The �nal result is obtained by averaging the total
the extreme (maximum and minimum) stress of the corners considering the twelve
3D accelerograms (analogously as it was performed in the extreme seismic force
plots, �gure 6.3).

Could the peak seismic forces resulting from spectrum analysis (MRSA) be in-
troduced directly in expression (7.1) to obtain the extreme stresses?, or could they
be directly compared with the capacity of the section in interaction diagrams?.
Strictly speaking, the answer to both questions is `no' [Chopra 2007], and this fact
is sometimes forgotten by the current engineering practice. As it was explained in
section 6.3.3, the spectrum analysis loses the evolution of the results along the earth-
quake and exclusively computes the peak values, no matter when they are recorded.
Considering that the extreme seismic forces are recorded at the same instant is con-
ceptually wrong (i.e. they are not generally concomitant), but it is usually on the
safe side. Two hypotheses are normally made to combine the extreme seismic forces

9At this point the objective is to verify if the elastic limits are exceeded, hence the real e�ect
of the self-weight (normally favourable due to the compression exerted in the concrete legs of the
tower) should be taken into account.

10Abaqus [Abaqus 2010] directly o�ers the stresses at any section point, and expression (7.1)
does not need to be implemented, but for convenience it is maintained in the discussion.

11The symmetry of the extreme seismic stresses has been also veri�ed along the tower; observing
�gures in this chapter where the total peak stresses are plotted. The symmetric response may be
appreciated, but the compression introduced by the gravity loads in the legs of the tower moves the
symmetry axis, conferring more prominence to the compressions. In chapter 8 cracking is included
and tensile deformations predominate.
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(a) Scheme of normal stress distribution in one
section of the tower
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(b) Evolution of the seismic σ in the four cor-
ners at leg-vertical pier connection (lower di-
amond). YD-CCP model with LP = 200 m.
Rocky soil (TA). Synthetic 3D record No. 1

Figure 7.6. Scheme of stress distribution in one section of the tower and example of the

results recorded during the earthquake. Sign `+' tension; `-' compression.

resulting from spectrum analysis with the self-weight forces, since the sign of the
forces is also lost (section 6.3.3); hypothesis A (hA) considers the seismic axial load
positive (tension) whereas hypothesis B (hB) assumes it negative (compression)12,13.

It is interesting to address the level of errors introduced by considering concomi-
tant the seismic forces obtained with spectrum analysis in cable-stayed bridges,
obtaining from this wrong assumption the stresses in the sections through expres-
sion (7.1). This simple result is compared with the solution obtained by means of
the rigorous procedure in time-domain based on modal dynamics (detailed above).
In order to facilitate the comparison, avoiding the inherent di�erences in the results
obtained with modal dynamics and spectrum analysis (see chapter 6), hypotheses
hA and hB are obtained also from modal dynamics. Figure 7.7 presents the results
of this comparison in one model. The envelope of hypotheses hA and hB is al-
ways above the results obtained by considering the history of the response, typically
around 20 %. Taking into account that the seismic forces in spectrum analysis are
under-predicted in comparison with the reference results in modal dynamic analysis
(section 6.3.5.2), the simpli�ed load combination procedure employing peak spec-
trum forces may balance these errors. Notwithstanding, the designer should never
lose sight of the errors involved in spectrum calculations, routinely repeated in most
of the seismic analyses of structures worldwide. Furthermore, if nonlinearities are
expected, it is not valid to apply the superposition principle which gives support to
the concomitant combination of actions (on the other hand, the spectrum analysis
is discouraged if the response is inelastic).

12Hypothesis hA is normally the most unfavourable hypothesis in concrete structures since the
total compression is reduced.

13The sign of the seismic shear forces or bending moments is not relevant in this case, since the
self-weight does not contribute to these e�ects.
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Figure 7.7. Extreme averaged total stresses (σtot, self-weight + earthquake) along the

tower height with two calculation procedures; (i) `σmax = max(σ(t))' rigorous method based

on the history of the response; (ii) `concomitant' method based on peak forces introduced

directly in eq. (7.1). H-LCP model. LP = 500 m. Rocky soil (TA). θZZ �xed.

Hereinafter, only the rigorous procedure is considered, based on averaged ex-
treme stresses taking into account the history of the response, without considering
concomitant extreme resultant forces in tower sections. The total stress (σtot) is
always presented in �gures including stresses below, resulting from the combination
of self-weight e�ects and the earthquake.

Typological comparison of the stress distribution

In �gure 7.8(a), the extreme total stresses are presented for models with 200 meters
main span length. Taking into account the concrete HA-40 stress limits which
mark the beginning of the inelastic response; fck = σc = −40 MPa (characteristic14

initiation of compression softening) and fc,t = σt = 3 MPa (initiation of cracking),
introduced in section 3.3 and also presented graphically in the �gures, it is clear
that cracking and compression softening of concrete would have to be considered in
further nonlinear dynamic analysis (chapter 8). However, despite the results in this
section are not completely realistic since the behaviour of the materials is imposed
to be elastic, they are valid in order to compare here the seismic response between
di�erent models and to obtain valuable conclusions.

The increment of seismic demand in central cable-system models in comparison
with homologue lateral cable plane bridges is again observed, which is caused by

14Despite it is the mean strength (fcm = 48 MPa), and not the characteristic strength (fck = 40

MPa), the one marking the softening branch in the con�ned concrete model (appendix C), fck is
employed on the safe side to plot this limit.
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(a) Models with LP = 200 m

(b) Models with LP = 600 m (only with inverted `Y'-shaped tower and lower dia-
mond)

Figure 7.8. Extreme (averaged) total normal stresses (σtot, self-weight + earthquake)

recorded along the tower height. Soft soil type D. θZZ �xed in deck-abutments connection.

See �gure 3.2 for the description of model keywords. Sign `+' tension; `-' compression.
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the magni�ed transverse reaction in the towers due to the deck (see section 7.6.1).
Figure 7.8(b) compares the extreme stresses recorded in the tower considering two
models with di�erent cable layouts, where the the main span is LP = 600 m. The
increment in stresses due to the change from lateral to central cable assemblies are
larger for shorter spans15 (up to 30 % if LP = 200 m), whereas the in�uence of
the cable assembly is negligible if the main span is 600 m, which suggests that the
increase in the transverse reaction of the deck with the main span is less important
than the enlargement of the sections.

A remarkable stress concentration in the connection between the vertical pier
and both inclined legs of the tower below the deck is observed in bridges with lower
diamond (�gure 7.8(a)), specially if the angle between both members is large (which
is the case in models with moderate main span, e.g. LP = 200 m). Comparing
�gures 7.8(a) and 7.8(b), the reduction in the seismic demand of the lower diamond
as long as the slope of the inclined legs below the deck gets smaller (i.e. as long as the
main span is increased) may be observed. Such concentration of the seismic demand
reduces the stress in the rest of the tower (and increase the displacement, see �gure
7.1) but is undesirable since that connection is a key point for the global integrity
of the structure. The e�ect of the smooth or sharp transition between sections in
the lower diamond is studied later16 in section 7.5, whereas the optimization of the
lower diamond shape is presented in chapter 8.

It has been veri�ed that the seismic stress recorded along the tower would ex-
perience a severe increment if the foundation subsoil is changed from rocky (TA) to
soft soil (TD) (comparing �gures 7.2 and 7.5, an increase over 100 % in the seis-
mic forces is obtained in many sections). This result was to be expected just by
studying the acceleration spectra of the records on soft soil (�gure 5.1 in chapter 5),
which present important spectral accelerations for the dominant long period range
associated with these �exible structures. To provide orders of magnitude, the level
of stress at the tower foundation due to the self-weight is about 30 % of the extreme
seismic stress for rocky soil (TA), and 15 % for soft soil (TD) conditions.

Seismic forces are increased with the main span (see �gures 7.2 to 7.4) despite
the reduction of spectral acceleration due to the elongation of vibration periods as
the structure becomes more �exible, because the mass is also enlarged. However,
the stresses due to the earthquake are lower as long as the main span is larger
(compare �gures 7.8(a) and 7.8(b)), since the section dimensions are also increased,
and altogether the seismic stress is reduced (the increase of the sections is linear
with the main span17, thus the growth of the inertia is fourth-order, whereas the
increase of the seismic forces is less than linear, consequently expression (7.1) yields
reduced stresses as the main span gets larger).

15Compare for example the results for inverted `Y'-shaped towers with lateral (Y-LCP) and
central (Y-CCP) cable planes in �gure 7.8(a).

16Sharp transitions were employed in the results presented in this chapter so far.
17The relation between the dimensions of the sections and the main span LP of the bridges is

included in appendix B.
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7.4 E�ect of the accelerogram component

So far in this chapter, the accelerograms have been introduced in the structure
three-dimensionally. In this section however, the seismic action is applied in a single
direction: transverse (Y ), horizontal (X) or vertical (Z), in order to obtain con-
clusions about the importance of each earthquake component in the global seismic
demand.

Figures 7.9 and 7.10 present respectively the extreme total stress along `H'-
shaped tower height and its lower strut, averaged for the 12 synthetic accelerograms
applied only in one direction, compared with the result obtained using the three-
dimensional seismic input.
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Figure 7.9. Extreme averaged total normal stresses (σtot) recorded along the tower height

considering only one seismic component or the tree-dimensional action. Rocky soil type A.

H-LCP model with LP = 200 m. θZZ �xed in deck-abutments connection.

In light of the results, it is clear that the transverse component is the governing
seismic direction18 for the tower, specially in bridges located on soft soil due to the
shape of the spectra and the fundamental periods; in many sections of the tower,
the peak stress considering only the transverse excitation is almost the same as con-
sidering the complete three-dimensional accelerogram components, which enforces
the idea of controlling the seismic response by means of seismic devices working in
transverse direction (chapter 9). The transverse component of the earthquake is
responsible for nearly 95 % of the total stress in the lower strut (�gure 7.10), except
in bridges with lower diamond and reduced spans, where the contribution in these
members is lower due to the aforementioned ability of rotation.

The seismic response of the tower in each direction could be observed in the

18This result is clearly in�uenced by the employed �oating deck-tower connection, which only
constrains the transverse di�erential movement (section 3.2.3).
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Figure 7.10. Extreme averaged total normal stresses (σtot) recorded along tower lower

strut considering only one seismic component or the tree-dimensional action. Rocky soil

type A. H-LCP model with LP = 200 m. θZZ �xed in deck-abutments connection.

stress distribution along its height; transversely, the cable system o�ers a small
constraint and the tower leg behaves like a cantilever beam with elastic supports
at each transverse strut level or connection point between inclined legs above the
deck19. However, in longitudinal direction, the cables linking the tower with verti-
cally constrained points of the deck (abutments and intermediate piers) restrain the
longitudinal movement of the tower, and its �exure is similar to a beam encastred
at foundation level and simply-supported on top, originating the important e�ect of
the longitudinal response between the deck level and the zone where the tower cable
anchorages are located, sometimes larger than the contribution of the transverse
accelerogram (�gure 7.9).

The e�ect of the vertical accelerogram component is moderate (typically lower
than 30 % of the total demand) due to its reduced spectrum besides the high fre-
quency and low participation factors associated with vertical tower modes, however
the relevant contribution to the axial load was noticed in previous chapters. Fur-
thermore, the vertical component could be essential if near-fault e�ects are present
in the accelerograms (which is not considered in this work).

19The connection point of inclined legs above the deck, constrains the transverse movement in
`A'- and inverted `Y'-shaped towers without lower diamond (section 7.2), in this last geometry,
the vertical anchorage area behaves like a cantilever beam in moderate spans, which will cause
inelastic demand concentration (section 8.3.2, �gure 8.9).
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7.5 E�ect of the transition between sections

Constant sections between di�erent parts of the towers have been considered in the
parametric de�nition in order to facilitate the modelling (see appendix B), hence
sharp transitions are established between such zones. However, it is recommended
in earthquake engineering to design these parts by making smooth transitions to
avoid the stress concentrations (shown for example in �gure 7.8(a)). Here, the
seismic response (in terms of normal stresses) with sharp and smooth transitions
of the sections20 in the connection between the inclined legs and the vertical pier
of the lower diamond has been studied21. Figure 7.11 illustrates the schematic
con�gurations of both possibilities. A released transverse rotation of the deck in the
connection with abutments (θZZ free) is employed in this study in order to maximize
the transverse forces in the lower diamond.

Figure 7.11. Schematic representation of the sharp and smooth transition between sections

in the lower diamond, where H = LP /4.8 is the height of the tower above deck level.

The in�uence of the transition between sections on the static behaviour has been
assessed (analogously to the study conducted in section 7.2), verifying reductions
in the rotation capacity and consequent transverse displacements; around 50 %
in cable-stayed bridges with moderate spans (LP = 200), whereas proportionally
smaller reductions were observed in larger models, as it is observed in �gure 7.12.

Figure 7.13 shows the average stresses along the height of the tower with con-
stant and variable sections in the lower inclined legs of the model with `Y'-shaped
towers, lower diamond and central cable arrangement. The reader may observe the
improvement in the seismic demand distribution along the tower with smooth tran-
sitions in the lower diamond, reducing the stress concentration in the lower inclined
legs, and enlarging the demand in the vertical pier, consequently obtaining a more

20The smooth transition is established both in transverse and longitudinal directions, but it
is only appreciable in the �rst case due to the similar sections employed longitudinally between
di�erent members.

21Only the model with inverted `Y'-shaped towers, lower diamond, central cable-system (YD-
CCP) and foundation on soft soil (TD) has been studied in this section.
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Figure 7.12. Transverse static deformation of the models with sharp and smooth transition

between sections, under one applied load of 1 MN at the level of the deck. Deformation

enlarged 500 times.

uniformly distributed seismic demand and increased structural security. For con-
venience, direct dynamics (DRHA) has been performed in this analysis, instead of
modal dynamics22 (MRHA).

Figure 7.13. Extreme averaged total normal stresses (σtot) recorded along the tower height

with smooth and sharp section transitions in the lower diamond sections. Soft soil type

D. YD-CCP model with LP = 200 m. θZZ released in deck-abutments connection. Direct

analysis (DRHA). Sign `+' tension; `-' compression.

22The results are nearly the same with MRHA and DRHA, as it was observed in chapter 6.
DRHA is selected in this paragraph, unlike in the rest of the chapter (where modal analysis is
employed), in order to get closer to the inelastic optimization of the lower diamond performed in
chapter 8.
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The reaction of the deck against the towers is increased with the smooth transi-
tion, due to the reduction in the rotation capacity of the lower diamond, achieving
increments up to 50 % in moderate spans (�gure 7.14(a)). Larger models are less
in�uenced by the transition between sections, as it was expected from the static
deformation in �gure 7.12. Despite the performance of the lower strut in the distri-
bution of deck reaction between both legs is introduced later in this chapter (section
7.7), it is useful to present now the in�uence of transitions between lower diamond
sections on this parameter; the increased e�ciency of the lower strut when sharp
connections in the lower diamond are avoided may be observed in �gure 7.14(b).
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(b) Performance factor of the lower strut

Figure 7.14. Other parameters of the response with smooth or sharp transitions between

lower diamond sections. Soft soil type D. YD-CCP model with LP = 200 m. θZZ released

in deck-abutments connection. Direct analysis (DRHA).

Sharp transitions in other areas of the tower, like in the connection between the
legs and the anchorage area, are responsible for abrupt (but generally moderate)
changes in the seismic demand, as it may be observed in �gure 7.8. The project of
these structures require a detailed smooth de�nition of such transition areas, which
is beyond the scope of this general study.

In the subsequent results presented in this chapter, sharp transitions have been
considered. However, in chapters 8 and 9, dealing with material nonlinearities, the
smooth transition in the lower diamond is adopted always.

7.6 Extreme transverse deck reaction

The reaction of the deck has been identi�ed previously as one of the most demanding
seismic e�ects in the towers, and its control is one of the objectives of this thesis.
It is worthy to devote this section to the study of such action in order to establish
its governing parameters. The extreme reactions recorded in the full cable-stayed
bridge models considered so far in this chapter are �rst collected (section 7.6.1), and
next an analytical methodology to estimate this seismic force in light of the results
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obtained from simpli�ed models without the cable-system is detailed.
The type of connection projected between the deck and the towers is paramount

in the static and dynamic behaviour of the bridge [He 2001] (section 2.2.6). There
are several references about the design of this connection in cable-supported struc-
tures [Gimsing 1998] [Walther 1988], but they are focused on the static response.
The seismic e�ect of structure interactions at these points have been assessed by
a number of research works; [Ye 2002] [Ali 1995] [Nazmy 1992] [Siringoringo 2005]
[Liu 2006] etc. Unfortunately, speci�c studies about the transverse seismic reaction
of the deck against the towers have not been found by the author. This section aims
to shed some light on this topic.

The analytical study presented in this section is valid for cable-supported bridges;
both cable-stayed and suspension bridges are covered since the cable-system is re-
moved in the simpli�ed model proposed here.

7.6.1 Extreme reactions in full cable-stayed bridge models

Figure 7.15 collects the extreme transverse forces in the towers due to the seismic
action of the deck, averaging the values obtained for the set of twelve 3D accelero-
grams, both subsoil categories are included. The growing tendency of such load
with the main span length may be observed, specially for moderate spans, between
200 and 300 m (in the following sections this trend is further detailed).

The increment in the transverse force of the deck against the tower in the case
of one Central Cable Plane (CCP) is clear from �gure 7.15, which is primarily due
to two reasons: (1) the mass of the deck is slightly higher in the box-shaped girder
used when central cable arrangement is employed (see �gure 3.19), and (2) in central
cable plane con�guration, the transverse component of the cable forces in their deck
anchorages is null, and thus the transverse e�ect of the girder is only transmitted
through its connections with the towers23 (apart from the abutments).

The increase in the seismic reaction of the deck considering soft soil is very
important, since the �rst transverse modes govern this e�ect (section 7.6.2.2) and
their spectral accelerations are signi�cantly higher in the spectrum associated with
soft soil (see �gure 5.1).

When the transverse rotation of the deck in the abutments is released (θZZ free),
its transverse seismic reaction against the towers increases24, specially for moderate
spans (below 400 m), as it was explained in section 7.3.1.

7.6.2 Extreme reactions in simpli�ed models

Figure 7.15 suggests some trends of the transverse reaction of the deck, but more
information is required in order to establish useful conclusions about this important

23The larger the the main span, the lower di�erence is observed between the transverse deck force
in central and lateral cable-system assemblies due to the transverse component in the projection
of the stays on the deck, since it gets smaller in lateral cable-system (LCP), and hence it is more
similar to the central plane solution.

24Increments up to 30 % in the transverse reaction if LP = 200 m when θZZ free.
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Figure 7.15. Extreme (averaged) seismic reaction of the deck against the towers in terms

of the main span. θZZ �xed in deck-abutments connection. Full cable-stayed models. 3D

earthquake. Modal dynamic analysis (MRHA). See �gure 3.2 for the description of model

keywords.

force; more spans should be studied, beyond the ranges initially marked in this thesis
(chapter 3) and with more sample density.

Accepting that the e�ect of the cable-system is negligible in the transverse
response of the bridge, and in light of the complexities introduced in the model
parametrization due to this part of the structure25, it has been removed in the sim-
pli�ed model26; cable-supported bridges, including only the towers and the deck, and
considering main spans between 100 and 1000 m, with samples every 10 m, have
been studied by applying the earthquake only in transverse direction. The longitu-
dinal movement of the tower (uX) is prevented, whereas the vertical displacement
of the deck (uZ) and its torsional rotation (θXX) are also avoided in order to ensure
a pure transverse response. The deck, in models with both lateral and central cable
arrangements, is described by means of beam elements27. The rest of modelling
assumptions are coincident with the full models presented in chapter 3.

Spectrum analyses (MRSA) have been conducted in all the cases of this section
because of its agility (see section 6). Only the �rst 10 vibration modes are included
in the analysis, which is reasonable since only the transverse modes are allowed, and
the 10th mode corresponds to a high-order mode in the full model28. The result of

25The cable-system relates the discretization of the towers and the deck, complicating their
modelling in terms of the main span, since the number of cables is a natural number (obviously).

26Even without cable-system, LCP or CCP models are distinguished because the deck is di�erent
in terms of mass and transverse inertia (see �gures 3.18 and 3.19), furthermore, the thickness varies
slightly between homologue towers with lateral or central cable-system (see appendix B).

27LCP deck models include beams and shells in full 3D models due to the uncertainties associated
with its torsional behaviour (section 3.5.3), which is prevented in this analysis, and hence the pure
beam discretization is now used, since it is less computationally expensive.

28For example, the 10th vibration mode in H-LCP simpli�ed model with LP = 200 corresponds
to the 129th mode in the homologue full cable-stayed bridge, which is more or less the number of
modes required according to Eurocode 8 [EC8 2005a] provisions (see the right box in �gure 4.6).
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the simpli�ed model with more vibration modes was observed nearly equal to the
solution with 10 modes.

The simpli�ed model is not able to capture the e�ect of the interaction between
torsion and transverse �exure of the deck due to the imposed constraints, which is
specially appreciable in moderate spans (below 400 m, see chapter 4). Assuming
that the torsional response of the deck is negligible in the study of its transverse
reaction seems reasonable, notwithstanding, the reaction of the deck is larger in
the simpli�ed model since it is de�ned to behave only in the transverse direction,
and the connection between the deck and the towers is done only through the sti�
link above the lower strut, ignoring the transverse e�ect of cable-anchors (which
somehow participates in full models with lateral cable planes).

Figure 7.16 includes the extreme reaction of the deck against the towers of the
simpli�ed models, with �xed rotation of the deck in the abutments (θZZ �xed),
other results with di�erent boundary conditions (i.e. θZZ free) are not presented
but have been also studied. The important rate increment in this action with the
main span is clearly appreciated for small bridges (between LP = 150 and 300 m),
once the maximum reaction is obtained (around LP = 400 m) this value remains
nearly constant or is slightly reduced, except dealing with inverted `Y'-shaped towers
without lower diamond, where this e�ect is increased (with a lower rate) above
LP = 400 m. For main spans larger than 800 m approximately, the reaction of the
deck against the towers is reduced more rapidly.

Assuming the errors introduced by spectrum analysis (MRSA) and the simpli�ed
modelling, the features remarked for the seismic reaction of the full models (pre-
sented in the preceding paragraph) are also observed here. The explanation of these
and other phenomena may be found by analyzing the contribution of each vibration
mode acting alone, which is included next.
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Figure 7.16. Extreme seismic reaction of the deck against the towers. θZZ �xed in deck-

abutments connection. Simpli�ed models (without cable-system). Transverse earthquake.

The description of model keywords may be found in �gure 3.2. Spectrum analysis (MRSA).

Considering reduced spans, below 200 m, the reaction of the deck may present a
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local maximum due to the change of the global transverse response of the bridge; if
the main span is below 200 m, the deck typically retains the transverse movement
of the towers; but above this threshold, the towers are the elements which instead
retain the deck due to its increased �exibility. Nonetheless, the present thesis deals
with conventional cable-stayed bridges, which are e�cient and reasonable above 200
m and, hence, the range below this threshold has been ignored in the conclusions of
the study.

The proportions of the structures described in appendix B are maintained in
this study beyond the range of main spans between 200 and 600 m, which lead to
unreasonable de�nitions of the lower diamond below LP = 200 m due to excessive
inclination of the lower piers, furthermore, the distance between the deck and the
foundation (zi = H/2) is around 10 m if LP = 100 m, which does not allow enough
clearance. Nonetheless, the interest of the study is clearly established for main spans
above 200 m, where the de�ned proportions of the structure agree with constructed
bridges (chapter B), being the results obtained between 100 and 200 m main span
marginal and included for completeness.

7.6.2.1 Fundamental mode contribution

The extreme reaction of the deck in the simpli�ed model, considering only the
contribution of the fundamental transverse mode, is studied here in terms of the main
span. The shape of the transverse spectrum may distort the results obtained and
mask the e�ect of the fundamental mode, therefore a theoretical seismic action with
constant displacement spectrum has been imposed here (and only in this paragraph)
Sd = cnst = 1 m, which means that the acceleration spectrum always decreases as
the main span, and consequently the fundamental period, gets larger: Sa = Sdω2.

Figure 7.17 depicts the evolution of the extreme reaction in one of the stud-
ied models, considering only the �rst vibration mode and the mentioned decreasing
seismic action with the main span, besides the fundamental mode shape associated
with three characteristic points of the span range. From this �gure, it is clear that
there is a span length which has associated the maximum contribution of the funda-
mental mode to the reaction of the deck, despite the seismic action is monotonically
reduced as long as the main span is increased. This main span is typically around
300 m in all the models and foundation soils, which will be used in the analytical
procedure presented in section 7.6.3.

In light of the mode shapes presented in �gure 7.17, it is evident that the inter-
action between the deck and the towers in transverse direction causes this maximum
response, i.e. it is maximized when the transverse normalized modal displacement
at the top of the towers is equal to the extreme displacement of the deck, and they
are both maximum (φY = 1), which is the case for LP = 300 m in the example
illustrated in �gure 7.17. Above this extreme coupling, the �exibility of the deck is
strongly increased and its movement in the �rst-order mode becomes independent of
the movement of the towers, thus reducing the contribution of the �rst mode to the
studied reaction. For very large spans (e.g. LP = 1000 m) the deck vibrates in the
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Figure 7.17. Extreme seismic reaction of the deck against the towers due to the contribu-

tion of the fundamental mode exclusively, besides the mode shapes associated with charac-

teristic points of the span range and the extreme normalized transverse modal deformation

(φY ) in the deck and the towers. YD-CCP simpli�ed model. θZZ free in deck-abutments

connection. Transverse earthquake with Sd = 1 m. Spectrum analysis. Soil type D.

fundamental mode with one wave (�rst order) de�ned between the towers, which
remain almost una�ected. Higher modes present the same trend, but the maximum
interaction occurs at larger main spans because the mode shape of the deck presents
more waves (more zero-displacements nodes), and thus it is tuned with the towers
at higher frequencies, further details are given below.

7.6.2.2 Higher-mode contributions

Spectrum analysis have been repeated in every model considering each vibration
mode separately, the extreme resulting reaction force is presented in �gures 7.18
and 7.19 for a number of cases, imposing again the real transverse design spectrum
presented in �gure 5.1.

Two important observations are obtained from this study; (i) only the odd vi-
bration modes contribute signi�cantly to the reaction force29; and (ii) as long as
the main span is increased, the dominant role in transverse direction is assumed
successively by odd modes of increasing order.

The reason behind the �rst comment may be observed from �gure 7.20, where
the �rst 10 vibration modes have been presented in the simpli�ed model with `H'-
shaped towers and LP = 250 m; odd vibration modes are symmetric (left column
in the �gure), whereas the even ones are antisymmetric and their contributions are
almost balanced (see the deformation of both halves of the deck in even modes
represented in �gure 7.20, right column).

The second question is related to the transverse coupling between the deck and
the tower, already introduced in the preceding paragraph. The �rst transverse vi-
bration mode in cable-stayed bridges with moderate spans (below 400 m) involves
both the response of the towers and the deck, which causes couplings with signi�cant

29In some speci�c cases, the consecutive even mode plays the role of the corresponding odd mode,
which causes a local drop of its contribution to the reaction of the deck (e.g. in H-LCP model for
the 3rd vibration mode contribution and LP = 940 m, �gure 7.19).
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Figure 7.18. Extreme seismic reaction of the deck against the towers due to the contribu-

tion the �rst 10 vibration modes separately, besides the mode shapes associated with the

main spans where deck-tower interaction is maximum. Y-LCP simpli�ed model. θZZ �xed

in deck-abutments connection. Transverse earthquake. Spectrum analysis. Soil type D.
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Figure 7.19. Extreme seismic reaction of the deck against the towers due to the contribu-

tion the �rst 10 vibration modes separately, besides the mode shapes associated with the

main spans where deck-tower interaction is maximum. H-LCP simpli�ed model. θZZ free

in deck-abutments connection. Transverse earthquake. Spectrum analysis. Soil type D.
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(a) Mode 1 (T = 1.356 s) (b) Mode 2 (T = 1.074 s)

(c) Mode 3 (T = 0.898 s) (d) Mode 4 (T = 0.524 s)

(e) Mode 5 (T = 0.429 s) (f) Mode 6 (T = 0.323 s)

(g) Mode 7 (T = 0.274 s) (h) Mode 8 (T = 0.273 s)

(i) Mode 9 (T = 0.216 s) (j) Mode 10 (T = 0.166 s)

Figure 7.20. First transverse vibration modes and corresponding periods. H-LCP with

main span LP = 250 m. θZZ free in deck-abutments connection. Simpli�ed model (without

cable-system).

transverse reactions between both elements, as it was already discussed above and
extended here; as long as the main span is increased, the transverse deck sti�ness is
reduced30, whereas the tower sti�ness is enlarged31. These e�ects lead to the loss of
tuning between the towers and the the deck vibrating with the �rst-order mode (one
wave), and consequently to the reduction in the contribution of this mode to the
global reaction for main spans larger than 300 - 400 m. Nevertheless, as the tune is
lost in the �rst mode by increasing the main span beyond that threshold, the trans-
verse deck-tower coupling in the �fth mode gains importance because it presents a
transverse �exure of the deck with two waves (see �gure 7.20(e)) and is sti�er (i.e.
the maximum normalized modal displacement of deck and the towers is closer to
the unit value), consequently, its contribution to the reaction force is maximized.

30The deck sti�ness is reduced by increasing the main span because its width is maintained
constant (it is �xed by infrastructure requirements) and the increase of the depth is moderate (due
to aerodynamics, appendix B).

31Information about the parametrization employed in the deck and the towers is included in
appendix B.
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The contribution cycle for this �fth transverse mode is analogous to the �rst one,
which gradually lost its dominance after the corresponding modal maximum seismic
reaction occurs. Extended to high-order modes, the modal contribution with suc-
cessively dominant vibration modes presented in �gures 7.18 and 7.19 is explained.
The increased participation of higher modes as the �exibility of the structure gets
larger was also stated by Chopra [Chopra 2007] in the seismic response of buildings.

This successive contribution of governing modes explains the slow rate in the
evolution of the reaction with the main span above the maximum associated with
the �rst mode; typically, when one vibration mode reduces its contribution, the next
one increases its e�ect and the global e�ect is normally stabilized in a wide range
of spans, between 400 and 800 m. For larger bridges, the �rst transverse mode is
irrelevant in terms of deck reactions, since this member vibrates independently from
the towers, instead, the 7th transverse mode is coupled and governs the response,
nonetheless the participation factors associated with these high frequencies are re-
duced and the global e�ect is slightly lower as the main span is increased above 800
m, being reduced the transverse seismic reaction in the towers due to the deck.

Between 200 and 300 m main span, the contribution of modes di�erent than the
fundamental one is marginal, furthermore, the rate of increase in the participation
of the fundamental transverse mode to the reaction is typically larger than in the
rest of the modes. These two reasons explain the sharp increment in the reaction
force between LP = 150 and 300 m in all the models.

The third transverse vibration mode mainly activates the deformation of the
towers, whereas the deck is hardly a�ected (see �gure 7.20(c)), which causes mod-
erate contributions of this mode in the seismic reaction of the deck for a wide range
of main spans32 (as it may be observed in �gures 7.18 and 7.19).

From the typological point of view, the transverse sti�ness of the tower exerts
an important in�uence on the reaction of the deck. The results about modal contri-
butions, obtained in all the bridges and presented only for two cases in �gures 7.16
to 7.19, suggest the following comments, which have been veri�ed regardless of the
foundation soil;

• Cable-stayed bridges with inverted `Y-shaped' towers without lower diamond
present markedly larger reactions than the rest of typologies above 500 m main
span, achieving increments up to 50 % around LP = 700 m in comparison with
other models. The reason behind could be the transverse constraint of the
connection between inclined legs in `Y'-shaped towers, which strengthens the
contribution of higher modes (specially the 7th, see �gure 7.18). The modal
maxima are gradually increased from one governing mode to the consecutively
higher, up to certain level.

• The maximum reaction of the deck is normally recorded with main spans
between 300 and 400 m, due to the simultaneous contribution of the �rst

32Below 200 m main span, the third mode is normally the governing one in terms of the reaction
of the deck, probably due to the large �exibility of the towers in this case.
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and the �fth (sometimes also the third) transverse modes, with the aforemen-
tioned exception of `Y'-shaped towers without lower diamond, which present
the maximum around LP = 800 m,

• `H'-shaped towers show larger reaction forces than the rest of the models
below LP = 400 m (see �gure 7.16), which is explained by the fundamental
mode contribution, being the coupling with the �rst order vibration of the
deck favoured by the strong transverse �exibility of these towers (this mode
governs below 400 m main span). In some cases, the increment in the reaction
force associated with this typology is over 50 % considering moderate spans.

• `A'-shaped towers without lower diamond present reduced values (up to 50 %)
of the reaction FY,deck for main spans between 300 and 500 m. The strong
di�erence between this typology and inverted `Y'-shaped towers (without lower
diamond) may be observed again in their static deformation, presented in
�gure 7.1. `A'-shaped towers join the legs at the upper section, unlike inverted
`Y' frames, and therefore their inclination and transverse sti�ness is lower.
Probably this explains the lower couplings between the high-order transverse
modes of the deck and the transverse �exure of the towers. The smaller e�ect of
the higher transverse modes in `A'-shaped towers not only reduces the reaction
of the deck for main spans larger than 400 m, but also the maximum total
value (typically around 300 and 400 m), due to the minimized contribution of
the 3rd or 5th transverse modes.

• As it has been explained previously in this chapter, the lower diamond reduces
the transverse sti�ness, strengthening the �rst modal contribution to the re-
action of the deck and conferring less importance to the high-order modes
associated with large spans. This phenomenon explains the faster rate of in-
crement in this force for moderate spans and its reduced values for very long
spans in comparison with homologue models without lower diamond. In some
cases, the maximum reaction could be notably increased around LP = 300

and 400 m if lower diamond is included, due to the e�ect of the fundamental
mode, and depending on the associated spectral acceleration33.

As a general conclusion, it could be said that the design decisions which make the
tower more �exible in transverse direction, would also increase the seismic reaction
in this element due to the deck if the main span is moderate, and vice versa for large
bridges.

7.6.3 Analytical model

Based on the observed contribution of the fundamental transverse mode (section
7.6.2.1), an analytical model is proposed in order to estimate the peak seismic re-

33Increments up to 100 % have been observed by comparing the extreme reaction in `A'-shaped
models with and without lower diamond founded on rocky soil for LP between 300 and 400 m,
�gure 7.16(b).
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action of the deck against the towers, employing information of the �rst mode ex-
clusively and applying di�erent hypotheses to approximate the e�ect of the higher
modes.

A mass-spring-beam model (simply referred as `beam-springs' model hereinafter)
has been de�ned to achieve this objective, being illustrated schematically in �gure
7.21; the towers are substituted by two springs with equivalent transverse sti�-
ness (Kt) and two concentrated masses (Mt), whereas the deck and its boundary
conditions remain unchanged. The tower sti�ness is obtained by imposing a trans-
verse unit load (at deck level) to a model representing only the tower, recording
the transverse displacement of this point (uY,t), the tower sti�ness is then de�ned
as; Kt = 1/uY,t. Theoretically, the mass of the tower in this model should be the
e�ective mass associated with the �rst transverse mode in the tower model; MY

t,eff,1

(obtained with expression (4.3)). However, the total mass of the tower is consid-
ered in order to take into account in a simpli�ed way the contribution of the higher
modes below LP = 400 m, where the fundamental mode governs the response.
Figure 7.21 shows the scheme of the simpli�ed model (without cable-system), and
the beam-springs model which supports the analytical procedure; the case where
deck rotations in the abutments are allowed in transverse direction (θZZ free) is
represented, which is the only one considered in the development of the analytical
expressions.

Figure 7.21. Schematic representation of the `simpli�ed model' (left) and the `beam-

springs' model (right) supporting the analytical procedure to obtain the extreme reaction

exerted by the deck against the towers (Fy,deck). θZZ free in deck-abutments connection.

Starting from the beam over elastic supports with the geometric and mechanic
characteristics introduced in �gure 7.22, the �rst vibration mode is required, being
composed of the eigenvalue (frequency) ω and the eigenvector (mode shape) φ(x).
The exact mathematical approach requires the solution of the eigenvalue problem
applied to the Euler-Lagrange equation for beams [Chopra 2007] [Clough 1993]:
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d2

dx2

[
EI (x)

d2φ (x)

dx2

]
− ω2m (x)φ (x) = 0 (7.2)

Where E, I andm are respectively the elasticity modulus, the transverse moment
of inertia and the mass per unit length of the deck, whereas x is the distance between
the reference left abutment and the studied section of the deck.

Unfortunately, for practical purposes the analytical solution of expression (7.2)
in a generic case is very di�cult (which is our objective in this section). There are
several proposals to solve in an exact way this mathematical problem; Mohamad and
Al-jawi [Mohamad 1995] separated the vibration into symmetric and antisymmetric
modes by employing Green's functions, however, the complexities involved are far
away from the initial purpose of this research, which aims to predict the seismic
reaction in a simpli�ed way. The procedure proposed by Lord Rayleigh, based on
the principle of virtual work, is adopted here due to its appealing simplicity; an
approximate mode shape ψ (x) is assumed, de�ned as close as possible to the real
eigenvector φ (x) and compliant with the boundary conditions of the beam. The
balance of kinetic and strain energy is applied from this deformed con�guration and
the vibration frequency is obtained. The following expressions for the generalized
sti�ness (k̃) and mass (m̃) of the structure are obtained with this approach34:

k̃ =

L∫
0

EI (x)

[
d2ψ (x)

dx2

]2

dx+
∑
i

Kiψ
2 (xi) (7.3)

m̃ =

L∫
0

m (x) [ψ (x)]2 dx+
∑
i

Miψ
2 (xi) (7.4)

Where L is the total length of the deck, which in our case is L = LP + 2LS =

LP + 2LP /2.5, being LS the length of the lateral spans (see appendix B). Ki is the
sti�ness of the spring attached to the deck section located at xi from the reference
abutment, where the deformation of the assumed mode shape is ψ(xi). Analogously
Mi is the point mass associated with that point if applicable.

From expressions (7.3) and (7.4) the Rayleigh's quotient is obtained:

ω2 =
k̃

m̃
(7.5)

It may be demonstrated that this quotient is higher or equal to the exact so-
lution35. The prediction of the natural frequency in this method is quite accurate,
even if the assumed shape is not that good [Chopra 2007] [Clough 1993], which has
been veri�ed in this work (see �gure 7.24(a)). Nonetheless, care should be taken

34The interested reader is referred to classical books on structural dynamics to obtain detailed
information about Rayleigh's procedure: [Chopra 2007] [Clough 1993].

35The trial function ψ(x) is generally di�erent than the exact vibration mode φ(x) and, hence,
the structure requires a larger amount of energy to obtain the approximate shape ψ, being its
behaviour sti�er and the vibration frequency larger than the real one [Chopra 2007].
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when selecting the trial mode shape ψ(x); theoretically any deformed con�guration
of the structure compliant with the boundary conditions is valid, however, the bend-
ing moment distribution should be adequately captured and, thus, the derivatives
of the trial function must ful�ll certain conditions depending on the boundary con-
ditions along the deck in order to keep the error bounded. This fact seems specially
important in the study of cable-stayed bridges, since the displacement of the trial
function at the connections of the springs representing the towers (referred as ψB
hereinafter) governs the transverse reaction of the deck.

A practical way to select an appropriate trial function ψ(x) meeting such condi-
tions is to apply statically a distributed load q along the deck, so that its deforma-
tion presents the number of waves associated with the studied mode (considering the
fundamental mode, one wave is obtained and hence the distributed load should be
constant in magnitude and sign along the deck). The value of the load is de�ned so
as to obtain a deck extreme transverse displacement equal to the unit value (ψE = 1,
see �gure 7.22), being the resulting con�guration the trial normalized function ψ.
This is the procedure adopted in the present work, which has been illustrated in
�gure 7.22. The e�ect of the mass of the towers is not taken into account in the
static calculation of the trial function for the sake of simplicity36.

Figure 7.22. Scheme of the static loads imposed in the beam-springs model to obtain

the trial function ψ, in order to estimate the fundamental mode shape. θZZ free in deck-

abutments connection.

Below, the trial function ψ is obtained from the classic beam theory applied
to the load case represented in �gure 7.22 (the distribution of curvatures is �rst
obtained and doubly integrated to obtain the displacement in each section). The
calculation is started with q = 1 [N/m], and next the solution is scaled in order to

36The mass of the towers could have been considered in the load distribution employed to obtain ψ
by means of two concentrated loads at the corresponding locations of the towers, being proportional
to the distributed load q by means of the ratio between the mass per unit length m(x) and the mass
of the towers Mt. However, in order to simplify the procedure, these loads have been neglected,
verifying that the �t of the resulting analytical frequency to the one obtained with FEM is almost
perfect in all the span range with this assumption, as it is shown in �gure 7.24(a).
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achieve ψE = ψ(x = L/2) = 1 in the center of the main span37. The procedure
employed to obtain the trial function and the �nal deck seismic reaction is detailed
in some depth in appendix I. Considering free transverse rotation at deck-abutments
connection (θZZ free), the following partial results have been obtained:

Rq1 = − Kt

(
−LS L3 + 2LS

3 L− LS4
)

24EI

(
12LS

2Kt L− 16LS
3Kt

24EI
+ 1

) (7.6)

a0,q =
24EI

3LS L2Rq1 − 4LS
3Rq1 −

5L4

16

(7.7)

Where Rq1 is the static transverse reaction of the towers against the deck when
q = 1 [N/m] (�gure 7.22) and a0,q is the scale factor which needs to be imposed
to the distributed load (q) in order to obtain ψE = ψ(x = L/2) = 1. From this
reaction, the trial function may be de�ned piecewise:

ψAB = a0,q
x
(
12LS LRq1 − 4x2Rq1 − 12LS

2Rq1 − L3 + 2x2 L− x3
)

24EI
;x ∈ [0, LS ]

(7.8a)

ψBE = a0,q

(
12LS xLRq1 − 12LS x

2Rq1
)

24EI
+

a0,q

(
−4LS

3Rq1 − xL3 + 2 x3 L− x4
)

24EI
;x ∈ [LS , L/2]

(7.8b)

ψAB and ψBE being respectively the trial functions between the abutment and
the tower (A-B) and between the tower and the center of the main span (B-E) (�gure
7.22), which completely de�nes the deformation of the deck due to the symmetry
of the response in the �rst mode. It may be observed that the trial function is
sensitive to both the main span and the sti�ness of the towers, which is essential
in order to obtain the observed coupled deck-tower response in transverse direction
and the associated maximum contribution to the reaction for certain models with
large interactions (�gure 7.17).

The expression (7.8a), particularized at the connection with the spring (x = LS),
yields the displacement of that point (ψB):

ψB = a0,q
LS
(
12LS LRq1 − 16LS

2Rq1 − L3 + 2LS
2 L− LS3

)
24EI

(7.9)

Applying Hooke's law, the reaction of the deck against the towers is proportional
to the modal displacement times the sti�ness of the towers. Figure 7.23 collects the

37The frequency ω is not in�uenced by the value of q, since the scale factor (a0,q) appears in
the numerator and denominator of the Rayleigh's quotient (expression (7.5)). However, this value
does a�ect the transverse reaction of the deck.
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results of ψB obtained with expression (7.9), corresponding to one studied model
in the whole span range, besides the dimensionless sti�ness of the tower; K∗t =

Kt/Kt,max, where Kt,max is the maximum sti�ness of the tower in the studied range,
which is always associated with the maximum span (LP = 1000 m). The product
of both values is also included to obtain an idea of the evolution of deck reaction
(the real value is a�ected also by the spectral acceleration and participation factor,
expression (7.15)). It is veri�ed that the analytical model is able to capture the trend
presented in �gure 7.17 for the contributions of the fundamental mode, including
the maximum reaction around 300 m main span.
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Figure 7.23. Evolution of the approximated modal displacement at the tower connection

(ψB), the dimensionless sti�ness (K∗
t = Kt/Kt,max) and their product in terms of the main

span LP (giving an idea of deck reaction evolution). Analytical model (expression (7.9)).

YD-CCP with θZZ free in the connections between the deck and the abutments.

By the principle of virtual works, the generalized sti�ness and mass of the beam-
springs model are calculated from the trial function described in equations (7.8a) and
(7.8b) by means of expressions (7.3) and (7.4) respectively, obtaining the following
results for the fundamental mode:

k̃1 = 2

 LS∫
0

EI

[
d2ψAB (x)

dx2

]2

dx+

L/2∫
LS

EI

[
d2ψBE (x)

dx2

]2

dx+Ktψ
2
B

 (7.10)

m̃1 = 2

 LS∫
0

m [ψAB (x)]2 dx+

L/2∫
LS

m [ψBE (x)]2 dx+Mtψ
2
B

 (7.11)

The integrated expressions, considering θZZ free in deck-abutment connections,
have been moved to appendix I. Despite the obtained expressions are not simple,
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after their implementation in any spreadsheet or programming language, valuable
information about the transverse response the bridge is obtained without the de�-
nition of FEM representing the full cable-supported bridge.

The frequency of the fundamental mode is obtained by substituting the inte-
grated result of expressions (7.10) and (7.11) (respectively completed in (I.7) and
(I.9)) in equation (7.5). Figure 7.24(a) depicts the resulting analytical frequency
for the fundamental modes in terms of the main span, besides the solution ob-
tained with the simpli�ed bridge FEM (without cable-system) employing Abaqus
[Abaqus 2010]. The result is almost coincident regardless of the main span, being
the Rayleigh analytical frequency slightly above as it was expected [Chopra 2007].

Another required modal property is the participation factor of the studied fun-
damental mode (Γ1). Employing the trial shape38 for the fundamental mode ψ,
instead of the exact mode shape φ in expression (4.4), the participation factor is
approximated as:

Γ1 ≈
ψTmι

ψTmψ
=
L̃1

m̃1
(7.12)

Analogously, the parameter L̃1 is obtained by integrating the following equation:

L̃1 = 2

 LS∫
0

mψAB (x) dx+

L/2∫
LS

mψBE (x) dx+MtψB

 (7.13)

Appendix I includes the result (expression (I.11)).
The extreme transverse displacement of the deck at the connection with the

towers due to the fundamental mode (umax
yB,1) is required to �nd the reaction in these

elements. The modal transformation (expressions (6.6) and (6.13)) behind the pro-
cedures based on modal decomposition (modal dynamics and spectrum analysis),
and the way the extreme modal contribution is obtained in spectrum analysis (ex-
pression (6.22)), are detailed in section 6.3. Taking into account these equations,
the extreme displacement at deck-tower connection due to the fundamental mode is
approximated39 as follows:

umax
yB,1 ≈ ψB max

t
|q1 (t)| = Γ1ψBSd (f1) (7.14)

Leading to:

umax
yB,1 ≈ Γ1ψB

Sa (f1)

(2πf1)2 (7.15)

38In order to keep the analogy with modal dynamics in expression (7.12), the trial function ψ(x)

is considered a displacement vector in the beam-springs model; φ, the same is assumed for the
exact mode shape, and φ(x) becomes φ.

39Expressions (7.14) and (7.15) are approximated since the trial mode shape of the fundamental
mode is employed ψ(x) (if the real eigenvector φ(x) were used the result would be exact).
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Sa (f1) being the spectral acceleration of the transverse design spectrum (pre-
sented in �gure 5.1) particularized for the fundamental frequency f1 = ω1/(2π), and
q1 the generalized coordinate for the fundamental mode.

Finally, the extreme reaction of the deck due to the fundamental mode is ob-
tained by Hooke's law:

Fy,deck,1 = Kt u
max
yB,1 (7.16)

The results obtained with this analytical expression are presented in �gure
7.24(b), besides the extreme seismic reaction recorded in the simpli�ed model (with-
out cable-system) employing Abaqus. Admitting di�erences around 30 % in a broad
range of spans (above 300 m), it must be remarked that the analytical result (ex-
pression (7.15)) will be employed to obtain the reaction of the deck considering only
a main span of 300 m, where the analytical equation is accurate. On the other hand,
the analytical results are always on the safe side, which is interesting from the point
of view of the preliminary design.
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(a) Frequency obtained with the analytical ex-
pression (7.5)
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(b) Extreme reaction due to the �rst mode

Figure 7.24. Analytical results for the fundamental mode, besides the Abaqus FEM result

for the simpli�ed model (without cable-system). YD-CCP with θZZ free in the connections

between the deck and the abutments. Soil type D.

Note that the proposed analytical expression for the fundamental transverse
frequency (see one result in �gure 7.24(a)) takes into account the tower sti�ness,
which is traditionally neglected in classical expressions for the estimation of the
principal modes in terms of the main span, e.g. [Kawashima 1993] (section 2.2.1).

Higher mode contribution

So far, the analytical procedure have been focused on the contribution of the
fundamental mode, which is the governing one for main spans below 400 m, but it
is not representative in the total reaction of the deck above this threshold (section
7.6.2). The contribution of the transverse high-order vibration modes should be
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taken into account in the analytical model to predict the force exerted by the deck
in large cable-supported bridges, beyond LP = 300 m.

Theoretically, the Rayleigh's method could be conducted analogously to predict
the contribution of higher modes, and the resulting modal maxima may be combined
with the modal combination rules presented in chapter 6. The distributed load
(q) imposed to obtain the trial function should present sign reversals in order to
take into account the mode shape associated with higher modes (exhibiting several
waves along the length of the deck). From a practical point of view, this approach
is discouraged due to the complex equations which need to be integrated and the
cumbersome resulting analytical expressions, being far from the initial objective; to
obtain a simple and practical method.

Therefore, a simpli�ed procedure is proposed here in order to include approx-
imately the e�ect of the higher modes; in light of the results presented in section
7.6.2, the extreme reaction of the deck remains more or less constant (as the main
span is increased) after the maximum contribution of the fundamental mode is ob-
tained (except considering `Y'-shaped towers), this approach proposes anchoring the
extreme reaction once it is recorded. Unfortunately, the maximum value of the re-
action, and the associated main span where it occurs, are not previously known by
the designer, who is interested only in the speci�c study of a particular main span.
In order to overcome this drawback, a tri-linear curve to represent the evolution of
the extreme seismic reaction with the main span length is proposed, considering the
observed results in the simpli�ed model (without cable-system); it has been veri�ed
that the maximum reaction due to the �rst mode occurs close to LP = 300 m, being
acceptable to neglect the higher modal contributions at this point (see �gures 7.18
and 7.19) regardless of the tower shape and the foundation soil. The extreme reac-
tion at this point, F1,max, is therefore accurately obtained using expression (7.16),
which is based exclusively on the fundamental mode. Below LP = 300 m the reac-
tion is assumed to be linearly increased, reasonably assigning zero force to LP = 0

m. Between LP = 300 and 800 m the higher modes strongly a�ect the response,
moderating the rate of the reaction depending on the tower shape, �nally this force
is reduced beyond LP = 800 m. Figure 7.25 presents the proposed tri-linear curve,
which is completely de�ned once the extreme reaction due to the fundamental mode
for LP = 300 m (F1,max) is obtained (substituting LP = 300 m in (7.16)).

F1,max = Fy,deck,1 (LP = 300) (7.17)

The tri-linear curve is expressed mathematically as follows:

FY,deck


= F1,maxLP /300; if LP ≤ 300 m
= kA (LP − 300) + F1,max; if 300 < LP ≤ 800 m
= kB (800− LP ) + F1,max + 300kA; if LP > 800 m

(7.18)

Where the slopes of the tri-linear curve kA and kB are proposed in light of
the observed results in section 7.6.2.2 for all the studied models, distinguishing the
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Figure 7.25. Proposed tri-linear curve in order to estimate the extreme seismic reaction

of the deck in the whole range of main spans with the analytical model.

e�ect of the strong transverse sti�ness in inverted `Y'-shaped towers without lower
diamond (Y-LCP and Y-CCP models):

kA

{
= 0.08→ Y-LCP, Y-CCP
= 0→ Rest of the towers

(7.19a)

kB

{
= 0.1→ Y-LCP, Y-CCP
= 0.05→ Rest of the towers

(7.19b)

These results were observed nearly independent of the foundation soil class.
Note that the corner values of the main span (LP = 300 and 800 m) have been

selected from the results obtained in all the models, in order to obtain predictions
which fall on the safe side, as far as possible, for all the typologies and main spans.

Results and conclusions

The extreme reaction forces obtained with the analytical procedure are compared
with modal spectrum results in the simpli�ed FEM (without cable-system) including
10 vibration modes (presented in section 7.6.2). Only two examples are presented in
�gure 7.26, but similar results have been obtained in the rest of studied structures.

A good agreement between both solutions is observed in cable-supported bridges
with main span ranging from 200 to 600 m, which covers indeed the scope of the
present thesis. The analytical solution is too conservative in models below LP = 200

m (around four times the result obtained in spectrum analysis of the FEM), where
di�erent mechanisms may govern the response; for short bridges, where cable-
supported bridges are questionable, the deck retains the transverse seismic response
of the towers due to their large �exibility. On the other hand, the proposed expres-
sion also yields reactions signi�cantly on the safe side (about 20 %) between 800
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and 1000 m main span, where this model is not accurate since it is rooted in the
contribution of the �rst vibration mode, and the reduced weight of the fundamental
mode for large spans has been previously observed (see �gures 7.17, 7.18 and 7.19).
In comparison with the results obtained from the complete models (including the
cable-system), the reaction obtained with the proposed analytical model is usually
conservative (compare with �gure40 7.15(a)).

The analytical model expressed in eq. (7.18) has been validated to estimate, on
the safe side, the extreme seismic transverse reaction of the deck against the towers
of cable-supported bridges with main spans between 200 and 1000 m, employing
exclusively mechanical properties of the towers and the deck, besides information
about the span arrangement, boundary conditions and spectral accelerations. The
expressions presented in this chapter, and detailed in appendix I, have been obtained
considering bridges with two towers, nevertheless the proposed procedure is directly
applicable to any other con�guration (e.g. bridges with one single tower).

It is noteworthy that the analytical result is intended only for preliminary design,
as an attempt to help the designer with a valuable sight of the seismic response of the
structure prior to the de�nition of the FEM, which however needs to be accurately
established in the �nal design of the bridge. Furthermore, it is highlighted that the
analytical model is only valid for linear elastic seismic responses.

7.7 Performance of the lower strut

The lower strut distributes the transverse reaction of the deck between the two legs
of the tower, as it could be observed in �gure 7.2. Ideally, the peak transverse shear
(VY ) should be the same in both legs below the lower strut. In the present paragraph
it is addressed the performance of the strut when dividing the reaction of the deck,
explored thoroughly in the preceding section.

It is important to remark that the forces included in this thesis are expressed
in local coordinates, i.e. the transverse shear (VY ) is orthogonal to the local beam
�nite element axis and the axial load (N) is parallel. However, the transverse force
in global coordinates (FY ) is required in order to study the performance of the
strut, since the contribution of the axial load may be large when it is projected in
the transverse direction. Figure 7.27 presents the local and global forces associated
with the transverse tower response, besides the notation employed in this section.

The following expressions, resulting from �gure 7.27, are applied to obtain the
global transverse force at di�erent tower positions, with and without lower diamond:

FY,b = (−1) Nb cos (βb) + Vy,b sin (βb) (7.20a)

FY,d = (−1) Nd cos (βb) + Vy,d sin (βb) (7.20b)

40Unfortunately, the results obtained for full cable-stayed bridges in �gure 7.15(a), are not di-
rectly comparable with the ones presented in �gure 7.26, since the boundary conditions (θZZ) are
di�erent.



7.7. Performance of the lower strut 219

100 200 300 400 500 600 700 800 900 1000
10

20

30

40

50

60

70

80

90

100

(a) H-LCP model
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(b) Y-LCP model

Figure 7.26. Extreme transverse deck reaction against the towers due to the earthquake,

obtained with the simpli�ed FEM (without cable-system and employing spectrum analysis)

and with the proposed analytical model (expression (7.18)). θZZ free in the connections

between the deck and the abutments. Soil type D.
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Figure 7.27. Schematic representation of the local (VY , N) and global (FY ) seismic forces

associated with the transverse response of the towers. (a) Without lower diamond, (b) with

lower diamond.

FY,p = (−1) Np cos (βp) + Vy,p sin (βp)←Without lower diamond (7.20c)

FY,p = Np cos (βp) + Vy,p sin (βp)←With lower diamond (7.20d)

Where FY,b, FY,d and FY,p are respectively the transverse global force of the
tower just above the connection with the deck, just below this node and just below
the lower strut (�gure 7.28). Nj and Vy,j (with j = b, d, p) are respectively the local
axial load and transverse shear in the these sections (see �gure 7.28). Finally, βb is
the angle between the legs above the deck and the horizontal line, whereas βp is the
angle between this line and the piers below the lower strut.

The transverse reaction of the deck (FY,deck) and the increment of the transverse
force below the lower strut due to this reaction (FY,strut) may be obtained from the
global forces presented above (see �gure 7.28):

FY,deck = FY,d − FY,b (7.21a)

FY,strut = FY,p − FY,b (7.21b)

The performance of the lower strut, η, is de�ned from the typical transverse force
distribution along the height of the tower illustrated in global coordinates in �gure
7.28 (and observed in local coordinates in �gure 7.2, among others). The e�ective-
ness of the strut is maximum (i.e. η = 100 %) if the reaction of the deck is distributed
by the strut equally between both legs, and therefore; FY,strut = FY,deck/2. The per-
formance of the strut is assumed null if FY,strut is negative or larger than FY,deck.
Mathematically, the performance index (η) is de�ned by interpolating linearly both
extreme cases as follows:
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= 0; if FY,strut ≤ 0

= 200

(
FY,strut
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)
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)
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FY,deck
2

= 0; if FY,strut ≥ FY,deck

(7.22)

Figure 7.28. Schematic representation of the parameters employed in the de�nition of the

lower strut performance index η.

As it was discussed in section 7.3.2, the extreme seismic forces obtained directly
with spectrum analysis cannot be strictly employed in any expression or procedure
which involves several of these values, since they are not concomitant. In the same
way, the expressions (7.20), (7.21) and (7.22) should be studied in time-domain (η =

f(t)). Furthermore, it is not clear that assuming the extreme seismic forces to be
concomitant yields conservative results in the performance index, unlike calculating
stresses.

An additional complication arises when this performance index is studied in
time-domain; due to the alternating nature of the seismic action, the transverse
reaction of the deck is negligible somewhere between two extreme values, and it
is not reasonable to study the performance of the strut at these instants. It is
proposed to apply expression 7.22 only when the transverse reaction of the deck in
the considered time-step is above 20 % of the peak reaction for the studied record41.

Once the history of the performance is obtained for a speci�c accelerogram, its
average value is calculated from data in time-domain:

η̄ =

Nval∑
j=1

η (t)

Nval
(7.23)

41Otherwise, the performance at the speci�c instant is removed for calculation purposes.
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Where Nval is the number of instants in which the reaction of the deck is above
20 % of the peak reaction for the considered accelerogram.

Finally, η̄ is averaged for the results of the twelve records employed in the anal-
ysis.

Figure 7.29 collects the average42 results for the twelve records in all the studied
models, considering the case with �xed transverse rotation between the deck and the
abutments (θZZ �xed). The most remarkable observation is the detrimental e�ect of
the lower diamond in the performance of the strut, which is due to the sign reversal
in the slope of the legs above and below the lower strut, where the transverse global
force is increased due to the contribution of the axial load (compare expressions
(7.20c) and (7.20d)) and consequently FY,strut is larger, compromising the perfor-
mance of the strut. Furthermore, the transverse deformation of towers with lower
diamond (�gure 7.1) remarked that this kind of models presents rigid body rota-
tions, reducing the demand of the lower strut and consequently its constraint in the
legs, i.e. decreasing its distributing capacity. Completing the picture, the following
is extracted from �gure 7.29; (i) the in�uence of the foundation soil is negligible,
it is more important the geometry of the tower; (ii) an improved performance of
the lower strut has been observed in `H'-shaped towers, specially with main spans
between 300 and 400 m; and (iii) no clear trends are extracted in terms of the main
span43 and the cable-system arrangement.
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(a) Soft soil (TD)
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(b) Rocky soil (TA)

Figure 7.29. Averaged performance index of the lower strut (η̄) in terms of the main span.

θZZ �xed in the connections between the deck and the abutments. See �gure 3.2 for the

description of model keywords.

42The standard deviation of the results in the performance index is, again, around 10 %.
43The performance of the lower strut in towers with lower diamond is typically slightly increased

with the main span length, which is probably a consequence of the reduced capacity of rotation
(section 7.2), but it is hardly appreciable.
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7.8 Conclusions

Altogether, more than 140 cable-stayed bridges models (each one subjected to 12
records) have been studied in this chapter to shed light on their elastic seismic
behaviour, remarking the following:

• From the static point of view, the transverse sti�ness is governed by the trans-
verse shape of the towers, which a�ects notably their seismic response; towers
with inclined legs connected above the deck, present increased transverse sti�-
ness, whereas the typologies with lower diamond have the ability of rotating
about the connection point between the lower legs and the vertical pier if the
di�erence between their slopes is large, which reduces their sti�ness and marks
their seismic behaviour (section 7.2).

• The errors introduced by considering concomitant the extreme seismic forces
obtained with spectrum analysis in design veri�cations (e.g. employing inter-
action diagrams) round 20 % on the safe side.

• By de�ning the connection between the deck and the towers only in transverse
direction, the transverse seismic response is the most demanding one in the
towers, specially due to the transverse reaction of the deck against these mem-
bers (section 7.4). This fact begins to suggest about the bene�ts of mitigation
design, substituting the rigid transverse connection between deck and towers
by seismic devices, which is explored in chapter 9.

• Bridges with central cable arrangement, specially considering moderate spans
(below 400 m), present higher seismic forces and stresses than analogous mod-
els with two lateral cable-system and are not recommended in seismic areas,
unless special protective measures are considered (sections 7.3.1 and 7.3.2).

• Towers with lower diamond may dangerously concentrate the seismic demand
in this vital element, depending on its geometry (sections 7.3.1 and 7.3.2), and
the engineer has to carefully design the transition between sections in order
to improve the distribution of the stresses along the tower(section 7.5), so as
to endow proper local reinforcements providing these sections with enough
moment-curvature capacity. On the other hand, the lower diamond has been
found to be detrimental for the performance of the lower strut dividing the
reaction of the deck (section 7.7). This force may be signi�cantly larger than
in the rest of the tower shapes between 200 and 400 m main span (section
7.6.2.2), hence, control strategies with seismic devices between the deck and
the towers with lower diamond in this span range seem appealing (developed
further in chapter 9).

• The elastic tensile stress limits are clearly exceeded in all the models, thus
cracking is expected and further nonlinear analyses need to be performed in
order to address this phenomenon (chapter 8). Cable-stayed bridges located on
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soft soil (type D) have remarkably higher seismic demands compared with the
same models founded on rocky soil (type A) because of their great �exibility,
exceeding also the compression stress limit of the concrete (sections 7.3.1 and
7.3.2). In principle, the design of such �exible structures on soft soils should
not be recommended.

• The support con�guration of the abutments plays an important role in the
seismic performance of the towers in models with moderate span lengths (200
- 400 m); if the transverse rotation (along the vertical axis) in deck-abutment
connections is released, then the transverse reaction in the towers increases
(up to 40 % in models with 200 m main span) and the stresses of the deck at
the abutments are lowered.

• By increasing the main span, the seismic demand of stresses along the tower
decreases because of the enlargement of tower sections (section 7.3.2). Short-
to-medium span cable-stayed bridges experience worst seismic behaviour, in
agreement with the results of Valdebenito [Valdebenito 2009].

• The extreme reaction of the deck has been thoroughly studied by means of full
and simpli�ed cable-stayed bridge models, where the cable-system has been
removed in order to facilitate the parametrization and cover a wider range of
main spans, between 100 and 1000 m (section 7.6). For main spans between
200 and 300 m, the transverse fundamental mode governs the response, and
is typically around 300 m main span where the maximum reaction of the deck
against the towers is recorded (except for `Y'-shaped towers without lower
diamond), however the tune between these members is lost in the �rst trans-
verse mode as the dimensions are enlarged, being successively dominant odd
vibration modes with higher order. `Y'-shaped towers without lower diamond
present stronger reactions for long main spans (above 500 m) due to their
large transverse sti�ness (provided by the upper connection between tower
legs), whilst increased values of this force are recorded in `H' shaped towers
below 400 m main span. The e�ciency of `A'-shaped towers without lower
diamond in the reduction of this reaction above 300 m main span has been
also observed. If lower diamond is included in bridges ranging from 200 to 400
m main span, the reaction of the deck increases in comparison with homologue
models without this element, beyond this range such force is typically reduced.

• An analytical model based on Rayleigh's theory have been proposed (section
7.6.3) in order to approximate the reaction of the deck in terms of its geometric
and mechanical properties. The results obtained are accurate enough to be
employed in a preliminary design stage, without de�ning any FEM or other
numerical model (except, perhaps, the one required to obtain the transverse
sti�ness of the frame con�guring the tower).
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8.1 Introduction

Cable-stayed bridges are expected to present nonlinear material excursions under
strong ground motions, as it was veri�ed in the elastic study conducted in chapter 7.
Realistic material properties are considered in the seismic analysis of this chapter,
including the tension-sti�ening and softening behaviour of the concrete forming the
towers, besides the kinematic plastic response of their reinforcement rebars, both
de�ned in chapter 3 and appendix C.

The objective now is to assess the in�uence of tower shape, main span length,
cable arrangement and foundation soil by means of rigorous analyses, obtaining
information about the damage concentration and the energy dissipated by the towers
(without any seismic device).

By comparing the seismic response of the structures from elastic and inelastic
calculations, valuable information about the earthquake damage may be obtained; in
this direction, sections 8.2, 8.3 and 8.4 extend the analysis presented in the preceding
chapter to the nonlinear range, being respectively devoted to the extreme seismic
forces, the demand of deformation and other speci�c studies. Next, a speci�c factor
based on the energy balance is proposed in section 8.5 in order to take into account
the level of damage exerted by the earthquake in the tower, being this parameter
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employed in the optimization study conducted in section 8.6, with the objective of
minimizing the inelastic demand recorded in towers with lower diamond. Finally,
section 8.7 collects the main conclusions of this chapter.

The methodology selected now is the Non-Linear Response History Analysis1

(NL-RHA) because of its rigour in dynamic problems with signi�cant inelasticity
(chapter 6). Unfortunately, the associated computational cost of this methodology
in the full cable-stayed bridge models analyzed is overwhelming2 and only the models
with main spans of 200, 400 and 600 m have been studied. Furthermore, the number
of variables included in the analysis framework is reduced, closing the discussion
about the e�ect of the boundary conditions in the connection between the deck and
the abutments; hereinafter, the transverse rotation of the deck (θZZ) is completely
avoided in models with lateral cable-system (LCP), whereas it is released in the
ones with central cable arrangement (CCP) in order to maximize their nonlinear
response. The connection between the deck and the towers is the same as the one
employed in the preceding chapter, relating only the transverse movement by means
of a sti� element; no attempt has been made in this chapter to control the response
by means of any seismic device, the only source of energy dissipation is the damage
in the sections of the towers3 (besides the elastic Rayleigh damping presented in
section 5.4.4). Bridges with lower diamond present the smooth transition between
sections de�ned in paragraph 7.5.

Continuing with the philosophy of the thesis, only a small sample of the results
is presented graphically, being all the obtained information considered in the con-
clusions. The solutions presented correspond to the mean response (µ) under the
twelve accelerograms introduced in section 5.4.4, applied three-axially if the opposite
is not stated.

8.2 Extreme seismic forces

In this section, the inelastic seismic behaviour is contrasted with the elastic results
obtained in the preceding chapter by means of the extreme seismic forces. Figures 8.1
and 8.2 show the comparison between the extreme transverse and longitudinal shear
forces obtained in several typologies with linear and nonlinear material behaviour.
The remarkable reduction of seismic forces when plasticity and cracking is considered
may be observed. Two reasons could explain this result; (1) dominant vibration
periods are elongated due to the damage along the tower and, consequently, their
associated spectral acceleration is reduced (see the spectra shape for long periods

1The elastic results included in this chapter has been also obtained with direct nonlinear dy-
namics (NL-RHA) for comparison purposes.

2The author cannot resist remarking that the complete nonlinear study of all the models took
about four months of CPU time employing a relatively powerful computer (3 GB RAM and proces-
sor Intel(R)Xeon(R) CPU W3503 @ 2.40 GHz). On the other hand, more than 100 GB of output
had to be post-processed in order to obtain the results summarized in this chapter.

3Chapter 9 is devoted to the equipment of seismic devices in the towers in order to reduce the
nonlinear material behaviour observed here.
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area in �gure 5.1); (2) energy is dissipated by means of hysteresis loops in tower
sections exceeding the elastic ranges. The longer the main span the lower seismic
demand in the towers, due to the increase of section dimensions and governing
periods (chapter 7), which leads to lower di�erences between the results with elastic
or inelastic material properties in large bridges.

Figure 8.1. Extreme averaged seismic transverse shear force (VY ) recorded along the tower

height in elastic and inelastic dynamic analysis for di�erent main span lengths. Soft soil

type D. θZZ free in deck-abutments connection. YD-CCP model.

The reduction of seismic forces associated with the transverse response when
nonlinearities arise (up to 75 % in bridges with lower diamond and LP = 200 m,
�gure 8.1) are larger than the decrease in the longitudinal shear (around 50 % in the
same model, �gure 8.2); the stronger contribution of the earthquake in transverse
direction seems to explain this result. The weight of each accelerogram component
in the global response was speci�cally studied in the nonlinear range in order to
verify this important conclusion, observing the same trends obtained in the elastic
analysis4 (section 7.4). Seismic devices in transverse direction could be a good choice
in light of the stronger in�uence of this accelerogram component, chapter 9 develops
this idea.

From �gures 8.1 and 8.2, the large damage and consequent minimization of the
seismic forces in the lower diamond of bridges with moderate spans is advanced.

Despite this inelastic reduction of extreme forces, the general trends obtained

4The connection between the deck and the towers is a key factor in the weight of each accelero-
gram component, in this work the deck is independent of the towers in longitudinal direction, in the
opposite case stronger demand in the longitudinal response could be expected, as it was obtained
elsewhere [Valdebenito 2009].
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Figure 8.2. Extreme averaged seismic longitudinal shear force (VX) recorded along the

tower height in elastic and inelastic dynamic analysis for di�erent main span lengths. Soft

soil type D. θZZ �xed in deck-abutments connection. YD-LCP model.

throughout chapter 7 in the elastic domain are also observed here. Consequently, it
is not worthy to address the extreme forces in nonlinear range from the typological
point of view. Nonetheless, three remarkable features deserve some attention:

• The reduction of extreme seismic forces outside the lower diamond in bridges
with this element is larger (up to 50 % in some cases) than in the elastic
analysis, due to the important damage localized in the legs below the deck,
specially with 200 m main span, which dissipates a considerable amount of
energy (�gure 8.12) and favours the rotation about the connection with the
vertical pier (thus increasing the displacements).

• The increment of extreme seismic forces in the towers by changing the founda-
tion soil from rock to soft materials, is lower than in the purely elastic response,
since the enlarged spectral accelerations governing the response on soft soils
maximize the two aforementioned dissipation mechanisms in the towers (pe-
riod elongation plus hysteretic dissipation), and consequently, the increase of
forces is in part balanced. Increments usually about 100 % were observed
by comparing rocky and soft soil results in the elastic analysis of chapter 7;
considering the material nonlinearities the typical increment rounds 50-80 %.

• The e�ect of the main span in nonlinear results is similar to that obtained in
the elastic solution (i.e. seismic demand reduced as the main span gets larger),
notwithstanding, the inclination of the legs of the tower is a key factor in the
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development of plastic hinges along their height, being in turn governed by
the main span of the bridge (which controls the total height of the towers). In
this direction, larger main spans allow smooth changes in the slope of the legs,
delaying or avoiding the harmful localization of damage, specially in bridges
with lower diamond (this phenomenon is further discussed throughout the
chapter).

8.3 Seismic demand of inelastic deformation

Representing the stresses in nonlinear analysis could be misleading since the same
stress may be associated with several deformation levels5. Here, the extreme (min-
imum and maximum) total normal deformations of each section along the tower
(self-weight e�ects included) are presented. These results are obtained by means of
a time-domain based post-processing analogous to that described in section 7.3.2.

Figure 8.3 collects this result along the tower in models with 200 m span, con-
sidering both types of foundation soils, besides the deformation limits marking the
start of rebar yielding (εsy = ±0.26 % 6) and the softening branch of concrete under
compression (εcy = −0.11 %)7, whereas cracking initiation (εc,crack = 0.0086 %) is
far exceeded. Cracking is associated with Serviceability Limit State (SLS) instead
of Ultimate Limit State (ULS), which is the case studied in this thesis due to the
large seismic intensity adopted (ag = 0.5 g), being unavoidable signi�cant cracking
levels. However, it is useful to establish some limits to assess the level of cracking;
in SLS, maximum allowable stresses in the rebars equal to 200 MPa (i.e. ε = 0.1

%) are commonly considered to control crack openings. In ULS, ε = εsy = 0.26 %
seems a reasonable limit to mark, if it is exceeded, large cracking stages.

Despite, in �gure 8.3, the general trends described in the preceding chapter
are practically maintained beyond the elastic response, several key observations are
remarked; (i) cracking levels are signi�cantly large in all the models on soft soil
(TD), since the yield deformation of the reinforcement steel is exceeded (ε > εsy)
at least at foundation level (z∗ = 0), seismic devices could control this undesirable
performance (chapter 9); (ii) the strong increment of demand at several sections of
the towers with lower diamond is clear if the main span is reduced, presenting large
cracking levels even with foundations on rocky soil (TA, the most favourable case),
furthermore, signi�cant excursions into the concrete softening branch (compression)
are observed in these typologies, unlike models without lower diamond; (iii) an
improved behaviour of `A'-shaped towers (with and without lower diamond) has
been veri�ed if the main span is lower than 400 m long8.

5Navier's hypothesis is still considered valid and hence the sections are assumed to remain plane
during the inelastic excursions. Thus, the stress of any �ber may be directly obtained from the
deformations recorded at three corners of the section, besides the constitutive properties.

6Design ULS limits are lower, the use of εsy is indicative.
7Again, the characteristic limit is plotted, instead of the mean value, to mark the start of the

concrete nonlinear response under compression (a safe assumption); εcy = fck/Ec = −0.11 %.
8Beyond 400 m main span, `A' towers are normally not economically competitive.
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(a) Soft soil (TD)

(b) Rocky soil (TA)

Figure 8.3. Extreme averaged total normal deformation (εtot) recorded along the tower

height for di�erent foundation soils. 200 m main span. Inelastic analysis (nonlinear dy-

namics, NL-RHA). See �gure 3.2 for a description of model keywords. Sign `+' tension.

Including material nonlinearities increases the extreme recorded deformation be-
cause of the degradation of the constitutive properties beyond the elastic limits. The
increment in the maximum tensile deformation is larger than the one in compression
since cracking easily arises in concrete sections (if εc,crack = 0.0086 % is exceeded),
and if it occurs, the sti�ness of the section is signi�cantly reduced and the neutral



8.3. Seismic demand of inelastic deformation 233

axis moves towards the compressed area, resulting in larger increments of tensile
deformations compared with the compressions. This has been observed in all the
models, and may be veri�ed in �gures 8.5 to 8.8.

8.3.1 Damage in the lower diamond

Due to the large increment of inelastic demand in the towers with lower diamond
(�gure 8.3), their response is studied now in more detail. Figure 8.4 presents the
extreme deformation along the leg for `Y'-shaped towers with lower diamond, central
cable arrangement and di�erent main spans. The lower diamond dimensions are the
fundamental factor in the recorded inelastic demand; as it was advanced, larger
main spans allow smooth distributions of the slope between di�erent parts of the
legs and consequently, it allows direct transitions of the axial load path from the
anchorage area to the tower foundation, thus reducing this force in the strut9.

Despite the fact that the concentration of the deformation (specially cracking) in
the lower legs, close to the vertical pier, favours the reduction of the demand at the
foundation level (z∗ = 0, �gure 8.4), that response is strongly discouraged because
the failure in this key point would compromise the global integrity of the structure.

Figure 8.4. Extreme averaged total normal deformation (εtot) recorded along the tower

height with di�erent main spans. θZZ free in deck-abutments connection. YD-CCP model.

Inelastic dynamic analysis (NL-RHA). Sign `+' tension; `-' compression.

Figure 8.5 compares the demand of deformation in the elastic and inelastic anal-
ysis of the model with `Y'-shaped towers, lower diamond, lateral cable-system and

9The strut avoids the transverse di�erential movement of the tower legs in bridges with lower
diamond, which introduces tension in this member due to the compression exerted by the self-
weight of the deck and the earthquake in the tower anchorage area. The possibility of prestressing
the lower strut to avoid its cracking prior to the earthquake was rejected in section 3.2.4.
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LP = 200 m, besides the most damaged areas depicted with di�erent colours in terms
of the level of recorded seismic demand (being the red colour employed to represent
the most degraded zones and the gray colour to mark undamaged sections). The
inappropriate behaviour of models with lower diamond and reduced spans is once
again demonstrated; dramatic increments of the seismic demand in the lower legs
are observed just above the connection with the vertical pier (z∗ ≈ 0.12), but larger
damage is localized between the connection with the deck and the the lower strut
(z∗ ≈ 0.35, up to ε = 4.2 %), due to the seismic reaction of the deck; inadmissible
cracking was recorded at both levels.

Figure 8.5. Extreme averaged total deformation (εtot) along the tower height in elastic and

inelastic dynamic analysis, plus schematic representation of the damage. YD-LCP model.

LP = 200 m. Soft soil (TD). θZZ �xed in deck-abutments connection. Sign `+' tension.

The picture is even worst if the situation of the transverse strut in bridges with
lower diamond and moderate spans is considered, �gure 8.6 presents one of these
results and the schematic damage along its length; the ultimate tensile deformation
of the reinforcement steel is far exceeded (up to ε = 22.5 % > εsu = 11.4 %) at
the strut connection with the lateral legs (y∗ = 0 and y∗ = 1) in models with `Y'-
shaped towers, lower diamond and central cable-system, which means that these
towers collapse during the proposed earthquakes. In order to understand why the
lower strut is largely demanded during the earthquake, the axial load introduced
by the deck through the anchorages should be considered; the axial load path from
the anchorage area to the foundation level is diverted due to the sign reversal of
the lower leg slope, which introduces tension in the lower strut with a constant
distribution (see �gure 7.27). Two e�ects enlarge the demand in the connection
between the strut and the lateral legs, which aggregated to the mentioned uniform
tension exerted by the lateral axial load and the reaction of the deck, cause extensive
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cracking at the strut ends (�gure 8.6 at y∗ = 0 and y∗ = 1); (i) the reaction of the
deck is not directly exerted in the strut (appendix B) and introduces transverse
bending moment (MXX) in the connection10; (ii) due to the concentration of tower
supports in one single vertical member, the torsional modes of the tower with lower
diamond (rotation θZZ) are more �exible in comparison with models without this
element, being associated larger spectral accelerations, the tower torsion increases
the demand in the strut ends. For example, the �rst mode with torsion of the towers
in YD-LCP bridge with LP = 200 m is the 6th mode (T = 1.01 s), whereas in the
homologue model without lower diamond the �rst torsional mode of the tower is
the number 25 (T = 0.33 s). Observing the horizontal design spectrum in �gure
5.1 it may be clear that the maximum spectral acceleration is associated with the
torsional tower mode in the model with lower diamond (YD-LCP) and LP = 200

m, observing similar results in other typologies with this massive element11.
According to the accepted design strategy in earthquake engineering practice,

beams should fail before the vertical columns (the key elements) in building struc-
tures (`weak beam / strong column' philosophy). The seismic behaviour of bridges
with lower diamond would meet this criterion12, since the collapse is �rst recorded in
the transverse strut, whereas the bridge still has a remaining deformation capacity
in both legs (but the whole tower would collapse).

The cracking observed in the center of the strut, only in models with lower
diamond and 200 m main span, may be surprising since this point is primarily
demanded by the uniform axial load from the reaction of the deck and the diversion
of the lateral legs. The free vibration of the strut in vertical and longitudinal
direction is suggested as the reason behind this e�ect; it is true that free vibration
is responsible for only a small amount of deformation at this central section, but
due to the large uniform demand caused by the aforementioned e�ects, cracking
arises easily and, when this occurs, the tensile deformation is rapidly propagated.
Prestressing of the strut at the central sections may correct this undesirable e�ect.

8.3.2 Typological study

Dealing with the in�uence of the tower shape on the damage exerted by the earth-
quake in typologies without lower diamond, �gures 8.7 and 8.8 show the inelastic
seismic demand of deformation in the `H'- and `A'-shaped towers respectively, con-
sidering 200 m main span and soft surrounding subsoil (TD). The reduction of the
inelastic demand in comparison with lower diamond models is remarked, specially
in models with `A'-shaped towers, where only the foundation level and the lower

10The direct connection of the deck to the strut may be a solution (explored in chapter 9).
11`H'-shaped towers are very �exible in terms of vertical rotation (θZZ) because the transverse

struts o�er low resistance to the di�erential longitudinal movement of both lateral legs, nonetheless
cracking in the strut is controlled, and the center of this element remains elastic; the �rst torsional
mode of H-LCP model with LP = 200 m is the third mode T3 = 1.35 s (associated with torsion of
the deck, section 2.2.1), which is outside the area of maximum spectral accelerations (�gure 5.1).

12Despite it is deemed inappropriate with moderate spans due to the large damage in the whole
tower.
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Figure 8.6. Extreme averaged total deformation (εtot) along the lower strut in elastic and

inelastic dynamic analysis, plus schematic representation of the damage. YD-CCP model.

LP = 200 m. Soft soil (TD). θZZ free in deck-abutments connection. Sign `+' tension.

strut ends exceeded the admissible cracking if they are located on soft soil (being
the response on rocky soil nearly elastic). On the other hand, `H'-shaped towers
presented signi�cant damage in the strut-legs connection, even in large bridges.

By comparing between the seismic response in models where the inclined legs
are connected below the anchorage area (`Y'-shaped towers) or at the top section
(`A'-shaped towers), it is observed that the anchorage zone behaves like a cantilever
beam in transverse direction if `Y'-shaped tower is adopted (without lower diamond),
concentrating the seismic demand and damage in the legs below the lower anchorage,
however `A'-shaped tower avoids this problem because the point where both legs
intersect each other is located at the top section13,14. This is specially true for
bridges with moderate spans (LP = 200 m) due to the large constraint of the
intersection point between two legs with signi�cant inclination. The seismic demand
in the area connecting both legs above the deck may be improved in `Y'-shaped
towers with lower diamond if this element is properly designed, according to the
recommendations included in section 8.6. Figure 8.9 represents graphically the
di�erences between `A'- and `Y'-shaped towers above the deck, responsible for the
aforementioned seismic behaviour in models with moderate spans.

13The anchorage area is reinforced through a concrete diaphragm.
14The slight increment of demand in the legs of `A'-shaped towers is caused by the sharp tran-

sition between the anchorage area and these elements (which should be substituted by a smooth
transition in a detailed project, section 7.5).
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Figure 8.7. Extreme averaged total deformation (εtot) along the tower height in elastic and

inelastic dynamic analysis, plus schematic representation of the damage. H-LCP model.

LP = 200 m. Soft soil (TD). θZZ �xed in deck-abutments connection. Sign `+' tension.

Figure 8.8. Extreme averaged total deformation (εtot) along the tower height in elastic and

inelastic dynamic analysis, plus schematic representation of the damage. A-LCP model.

LP = 200 m. Soft soil (TD). θZZ �xed in deck-abutments connection. Sign `+' tension.
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Figure 8.9. Geometric di�erences between `A'- and `Y'-shaped towers above the deck.

8.4 Speci�c studies

The extreme reaction exerted by the deck against the towers has been studied
through nonlinear dynamic analysis, being the results presented for soft soil in �g-
ure 8.10(a). For comparison purposes, the solution obtained in elastic analysis15 is
illustrated in �gure 8.10(b). The reduction in the reaction of the deck against the
towers by introducing material nonlinearities is clear from these plots, which could
be explained by the hysteretic dissipation and the decrease of the transverse sti�-
ness of the towers due to the seismic damage. In light of the conclusions extracted
from section 7.6, the following observation could be established now; by reducing
the transverse sti�ness of the towers, the contribution of the high-order transverse
modes becomes less important and thus the extreme reaction for large spans (where
higher-order modes govern) is lower, specially for sti� towers, which could explain
the large reduction of deck reaction (up to 60 %) when nonlinearities are considered
in bridges with `Y'-shaped towers without lower diamond and main spans ranging
from 400 to 600 m. The reactions obtained on rocky soil are nearly independent of
the material nonlinearity, since the inelastic seismic demand in this case is reduced.

The performance of the lower strut in the distribution of deck reaction between
both legs of the tower has been also analyzed beyond the linear elastic range of the
materials. A small in�uence of the damage along the tower on the e�ciency of the
strut has been observed.

15The results presented in �gure 8.10 have been obtained with direct nonlinear dynamics (NL-
RHA), like in the rest of the chapter, thus small di�erences between the elastic solution included
here and in the one presented in �gure 7.15 (where modal dynamics was employed) are explained
due to the inherent variations of the results between analysis schemes (chapter 6).
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Figure 8.10. Extreme reaction of the deck against the towers in terms of the main span.

Soft soil (TD). Direct nonlinear dynamics (NL-RHA). See �gure 3.2 for the description of

model keywords.

8.5 Dissipation factor Ω: an energetic approach

8.5.1 Energy balance

The estate-of-the-art review on relevant energetic concepts for the seismic design of
structures was brie�y introduced in section 2.4.1.

Considering as a �rst approach the SDOF oscillator subjected to an imposed
accelerogram ẍg (�gure 8.11) and balancing d'Alembert forces:

Figure 8.11. Nonlinear SDOF system with seismic devices subjected to a ground motion.

fS (x, ẋ) + cẋ+ Θx+mẍt = 0 (8.1)

Θ being an integrodi�erential operator relating the force of the seismic device and
the relative displacement (not applicable in this chapter). The rest of the symbols
have been described previously. Since ẍt is the total acceleration; ẍt = ẍ+ ẍg, and
ẍ the relative acceleration, expression (8.1) yields to the equation of dynamics for
the SDOF system:

mẍ+ cẋ+ fS (x, ẋ) + Θx = −mẍg (8.2)

The energy balance is obtained through the integration of the individual force
terms in eq. (8.2) over the entire relative displacement history [Soong 1997]:
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EK + EV + ES + EM = EW (8.3)

Where:

EK =

∫
x
mẍ dx =

mẋ2

2
(8.4a)

EV =

∫
x
cẋ dx =

ẋ= dx
dt

∫
t
cẋ2 dt (8.4b)

ES =

∫
x
fS(x, ẋ) dx = ESe + ESp + ESd (8.4c)

EM =

∫
x

Θx dx (8.4d)

EW = −
∫
x
mẍg dx (8.4e)

EK being the kinetic energy, EV the dissipated energy by viscous damping, ES
the strain energy, EM the energy dissipated by seismic devices, and EW the energy
introduced by the seismic input.

The total strain energy is in turn composed of the recoverable elastic strain
energy ESe = kx2/2, the dissipative plastic strain energy ESp and the amount of
the elastic strain energy lost due to the constitutive material damage ESd. There
may be other sources causing the loss of strain energy, like dissipation by time-
dependent deformation (creep, swelling, and viscoelasticity), however these reduced
e�ects are not included in this work. Note that `damage', in this section, only
mean the phenomena causing the cyclic reduction of the elasticity modulus in the
constitutive behaviour of the concrete, whereas in the rest of the thesis this term
is relaxed and employed involving also the plasticity of the reinforcement steel and
the concrete, besides cracking.

The present study deals with complex structures and, therefore, an extension
of the energy balance to continuum mechanics is required. A thorough description
of the generalized terms representing each contribution of energy may be found
elsewhere [Abaqus 2010], we are only interested in the sources of energy dissipation
in the system and the external work introduced by the ground motion.

The energy dissipated by plasticity of the materials is de�ned as:

ESp =

ttotal∫
0

∫
V

σc : ε̇pl dV

 dτ (8.5)

Where
∫
V (·) represents the integral over the volume V of the studied portion

of the structure (or the whole model), σc is the stress tensor derived from the
constitutive equation (without viscous dissipation e�ects), ε̇pl is the plastic strain
rate and ttotal is the total duration of the earthquake (de�ned in chapter 5).
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If damage occurs in the material, not all of the applied elastic strain energy is
recoverable, instead:

σc = (1− d)σu (8.6)

Where σu is the undamaged stress in the studied volume and d is the contin-
uum damage parameter16. Assuming that, upon unloading, the damage parameter
remains �xed at the value attained at time t; dt, the energy dissipated through
damage is:

ESd =

ttotal∫
0

∫
V

(dt − d)

(1− d)
σc : ε̇el dV

 dτ (8.7)

ε̇el being the elastic strain rate, obtained from; ε̇ = ε̇el+ ε̇pl, where ε̇ is the total
strain rate.

Finally, considering only the earthquake excitation, the rate of work (ĖW ) done
to the studied portion of the structure by the external seismic forces f = −mιüg is
de�ned as follows:

ĖW =

∫
V

f · v dV =

∫
V

(−mιüg) · v dV (8.8)

Where m, ι and üg were de�ned17 in chapter 6 and v is the velocity �eld vector
extended to the studied volume of the structure V . f is the body force vector.

Integrating the rate of work throughout the seismic response of the bridge, the
total work introduced by the earthquake is obtained:

EW =

ttotal∫
0

ĖW dτ =

ttotal∫
0

∫
V

(−mιüg) · v dV

 dτ (8.9)

8.5.2 Dissipation factor de�nition

A dissipation factor Ω is proposed in this thesis as an attempt to summarize all
the inelastic seismic demand recorded in the structure along the earthquake within
a scalar value. The large number of proposed cable-stayed bridges suggests the
consideration of this practical factor in order to facilitate the study.

The dissipation factor is de�ned as the percentage of the total external work
introduced by the seismic forces (expression (8.9)) which is dissipated through plas-
ticity and damage in the constitutive properties of the materials:

16d is a scalar ranging from 0 (undamaged) to 1 (full damage).
17The de�nition of m, ι and üg should be conveniently extended to continuum mechanics for-

mulation before being introduced in expression (8.8).
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Ω =
ESp + ESd

EW
· 100

=

ttotal∫
0

(∫
V

σc : ε̇pl dV

)
dτ +

ttotal∫
0

(∫
V

(dt − d)

(1− d)
σc : ε̇el dV

)
dτ

ttotal∫
0

(∫
V

(−mιüg) · v dV
)
dτ

· 100

(8.10)

The volume V to which the integrals are computed is the whole cable-stayed
bridge in this chapter18.

In the present study about the seismic behaviour of cable-stayed bridges, the
damage of concrete is not considered due to modelling constraints (see appendix C),
and hence the energy dissipated through damage is null; d = 0 → ESd = 0. The
proposed factor is therefore simpli�ed:

Ω =
ESp
EW
· 100 =

ttotal∫
0

(∫
V

σc : ε̇pl dV

)
dτ

ttotal∫
0

(∫
V

(−mιüg) · v dV
)
dτ

· 100 (8.11)

8.5.3 Application

The aforementioned dissipation factor is applied to simpli�ed models representing
only the towers19, which are described in appendix J, considering exclusively the
transverse component of the earthquake (this simpli�ed model and seismic excita-
tion are studied only in the present paragraph of this chapter). Figure 8.12 collects
the averaged dissipation factor from the set of 12 3D accelerograms, extracting the
following conclusions about the transverse response of the towers; (i) models with
lower diamond and moderate spans dissipate more than 50 % of the transverse
seismic energy through their own damage, however, large spans improve this unde-
sirable response due to the smooth slope of lower legs; (ii) `H'-shaped towers present
stronger damage in comparison with other tower shapes without lower diamond, and
it is nearly independent of the main span due to the larger number of leg-strut con-
nections, where damage is localized; (iii) `Y'-shaped towers, despite concentrating
cracking below the lower anchorage for moderate spans (�gure 8.9), present reduced
energy dissipation in comparison with homologue `A'-shaped towers.

18When seismic devices are included in chapter 9, these elements are removed from the integrated
volume V in order to address the reduction of the energy dissipated by the tower itself due to such
auxiliary equipment.

19The deck is simulated by a point mass rigidly connected to one leg.
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Figure 8.12. Dissipation factor obtained in terms of the main span for models including

only the tower and a mass representing the deck. Soft soil (TD). Lateral cable-system

models with θZZ �xed and central cable-system models with θZZ free in deck-abutments

connection. Transverse earthquake. See �gure 3.2 for the description of model keywords.

8.6 Lower diamond optimization

The inappropriate seismic behaviour of cable-stayed bridges with main spans below
300 m and towers with lower diamond has been identi�ed previously. The response
is clearly improved by increasing the main span (see for example �gures 8.4 and
8.12), mainly due to the larger available space to minimize the di�erences between
slopes in the tower legs. An optimization analysis of lower diamond dimensions has
been carried out in the structure with `Y'-shaped towers, lower diamond, central
cable-system and 200 m main span on rocky soil (TA), trying to minimize the
inelastic seismic demand of the towers during the earthquake. Only the transverse
component of the earthquake has been considered in this section.

The height of the deck from the foundation (Hi) and its width (B) are normally
�xed by the project requirements, and the designer is only able to modify two main
variables in order to completely de�ne the lower diamond in the transverse direction
(adopting the smooth transition between sections recommended in paragraph 7.5),
which are represented in �gure 8.13; (i) the height between the level of the deck
(gravity center) and the top section of the vertical pier, zi; (ii) the transverse width
of the vertical pier, Yvp. The dimensions of the lower diamond in the longitudinal
direction are maintained invariant throughout the optimization study, according to
the proportions established in appendix B. The original dimensions considered in
the studied model are included as a reference in the caption of the �gures.

The parameters which de�ne geometrically the lower diamond (zi and Yvp) have
been varied, and the seismic response is compared to select the optimum values.
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Due to the large computational time required to complete the response of the full
cable-stayed bridge models for the set of 12 accelerograms, the analyzed sample has
to be carefully selected; altogether 32 models have been studied varying zi and Yvp,
considering more sample density in the area where the nonlinear response is larger.

The damage of the tower is evaluated by means of the dissipation ratio (Ω)
de�ned in the preceding section (expression (8.11)). Figure 8.13 collects these results
in terms of dimensionless variables in order to enhance its applicability, obtained
from the parameters which de�ne the lower diamond; the employed parameters and
the scheme of the lower diamond are self-explanatory from �gure 8.13. As it was
expected, the lower the height of the inclined legs below the deck (zi), and the
lower the width of the vertical pier (Yvp), suppose increased damage in the tower
due to larger discrepancies between the inclination of the di�erent members of the
tower, which diverts the path of the axial load. Preventing dissipation factors from
exceeding 20 % seems reasonable, i.e. it is not recommended to dissipate more than
20 % of the total input energy by means of the damage of the towers. Such limit has
been marked in �gure 8.13; if the width of the vertical pier (in transverse direction)
is considered above 40 % of deck width (Yvp > 0.4B), the damage recorded in the
tower is reasonable, even assuming the lowest studied distance between the deck
and the top section of the vertical pier.

Figure 8.13. Dissipation factor obtained in terms of dimensionless parameters de�ning

the lower diamond. YD-CCP model with LP = 200 m. Rocky soil (TA). θZZ free in deck-

abutments connection. In the original design employed in this thesis: Yvp/B = 0.28 and

zi/Hi = 0.6.

Figure 8.14 presents the same results from a di�erent point of view; the lower
diamond may be completely de�ned20 by the parameter zi besides the angle between
the inclined legs below the deck and the lower strut, βp. From this �gure, the
detrimental e�ect of lower diamond solutions with large slopes is de�nitively clear.

20Provided that the level of the deck from tower foundations (Hi) and its width (B) are known.
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Unfortunately, by considering the same angle βp, the damage in the tower depends
on the other parameter which de�nes the lower diamond. However, numerical results
suggest that the inclination of the legs below the deck in bridges with lower diamond,
located in areas with important seismic risk, should be above βp = 50◦ in order to
ensure a hysteretic dissipation of the towers under 20 % of the total seismic energy.
This conclusion is also reasonable from the static standpoint.

Figure 8.14. Dissipation factor obtained in terms of the dimensionless height of the top

section in the vertical pier and the inclination of the legs below the deck. YD-CCP model

with LP = 200 m. Rocky soil (TA). θZZ free in deck-abutments connection. In the original

design employed in this thesis: βp ≈ 35◦ and zi/Hi = 0.6.

Broadening the picture, the cost of the foundation is important in the design
of the lower diamond; if the eccentricity de�ned with expression (8.12) is large, the
foundations are expensive and the solution may be deemed inappropriate:

evp(t) =
MXX(t)

N(t)
(8.12)

Where MXX is the total transverse bending moment21 and N the axial load22.
Both values are obtained at the foundation level. It is important to remark that
the eccentricity, like other variables which combine several seismic forces, should
be studied in time-domain in order to take into account the concomitant actions;
considering both the extreme seismic transverse bending moment MXX and axial
load NX (assumed in tension, the most unfavorable case) may be too conservative.

Figure 8.15 includes the dimensionless extreme eccentricity, de�ned as the ratio
between the absolute maximum eccentricity in expression23 (8.12) over half of the
width in the vertical pier, Ypv/2. Except considering low values of Ypv, by increasing

21MXX in the tower is only due to the earthquake if the bridge is properly designed.
22N includes the contribution of the self-weight of the bridge and the earthquake.
23Expression (8.12) is studied in time-domain and, afterwards, the maximum absolute value

(emax
vp ) for each earthquake is selected.
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this parameter decreases the dimensionless eccentricity. The height of the vertical
pier top section (zi) has a negligible e�ect on this factor. Values of the eccentricity
larger than half of the section width have been observed in several models (i.e.
the equivalent eccentric axial load, depicted in the scheme included in �gure 8.15,
is outside the section), which is not necessarily inadmissible under strong ground
shaking, since prestressing could correct undesirable local problems, nevertheless, it
would increase the cost of the foundations.

Figure 8.15. Dimensionless extreme eccentricity at the foundation level obtained in terms

of dimensionless parameters de�ning the lower diamond. YD-CCP model with LP = 200 m.

Rocky soil (TA). θZZ free in deck-abutments connection. In the original design employed

in this thesis: Yvp/B = 0.28 and zi/Hi = 0.6.

From �gures 8.13 and 8.15, a large width in the vertical pier of the lower diamond
is recommended, being reasonable to suggest, in order to maintain the axial load
within the vertical pier width, values above 90 % of the width of the deck; Yvp >
0.9B.

Finally, �gure 8.16 illustrates the inelastic demand of deformation obtained with
the original design of the tower with lower diamond, or considering two optimized
solutions. The improvement in the seismic response providing a smooth transition
between the slopes of the legs (optimized solutions) is clear, both in terms of cracking
and extreme compressions along the height of the tower and its transverse strut; if
the width of the vertical pier is designed compliant with the rule Yvp ≥ 0.9B,
the response is acceptable, regardless of the height between the top section of this
element and the deck (zi), or the angle of the lower piers (βp). Moreover, it may be
observed that just below the lower anchorage, where both legs are connected above
the deck (z∗ ≈ 0.68), the concentration of damage recorded in `Y'-shaped towers
without lower diamond is reduced if this element is properly de�ned.
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Figure 8.16. Extreme averaged total deformation (εtot) in the tower height with di�erent

lower diamonds. θZZ free in deck-abutments connection. YD-CCP model with LP = 200

m. Rocky soil (TA). Inelastic dynamic analysis (NL-RHA). Sign `+' tension.

8.7 Conclusions

In this chapter the analysis goes further and consider the seismic response beyond
the elastic range of the materials. The general typological trends observed in the
preceding chapter are still valid when cracking and plasticity arise in the tower,
however valuable insight is gained into the in�uence of di�erent projects decisions
in the seismic damage recorded along the towers during strong earthquakes. The
following remarkable conclusions are drawn:

• By comparing the results of the seismic analysis in linear and nonlinear range,
several features arise, accentuated when the damage in the tower is strong;
(i) reduction of the extreme recorded seismic forces (section 8.2), specially in
transverse direction (up to 75 %); (ii) increase of the deformation, mainly in
tension due to concrete cracking (section 8.3); and (iii) reduction of the force
exerted by the deck against the towers (section 8.4).

• Cracking levels are large in the towers of all the proposed cable-stayed bridges
when the foundation soil is soft (TD), which again questions the design of
cable-stayed bridges in such areas. The improved response of `A'-shaped tow-
ers has been observed for moderate main spans (below 400 m); compared with
homologue `Y'-shaped towers without lower diamond, this typology connect
both legs at the top section of the anchorage area, thus avoiding the cantilever-
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type response of this member and the concentration of damage in the connec-
tion point (section 8.3.2). Nonetheless, `Y'-shaped towers are appropriate
for large spans (where `A'-shaped towers could be economically inadvisable),
since the inclined legs above the deck are nearly vertical and such cantilever
response is not observed in the anchorage area; Tatara bridge in Japan (see the
picture in the title page of this chapter) is a paradigm of cable-stayed bridge
in seismic area (LP = 890 m) and employs `Y'-shaped towers. On the other
hand, `H' towers dissipate more energy through the damage of their towers
than homologue models without lower diamond due to the increased number
of strut-leg connections.

• Large concentrations of inelastic demand were recorded in towers with lower
diamond and moderate main spans (i.e. LP = 200 m), dissipating more than
50 % of the seismic energy (which was expected from the elastic results of
the preceding chapter). The diversion in the axial load path from the anchor-
age area to the foundation level is the main reason behind this undesirable
response. The damage in the legs of these towers, concentrated in their con-
nection with the deck and the vertical pier, far exceeds the acceptable limits.
The situation is even worst in the transverse strut24 (section 8.3.1). Struc-
tural problems, with signi�cant excursions in the concrete softening branch,
extensive cracking and rebar yielding, have been veri�ed in bridges with lower
diamond and reduced spans, even if the subsoil is rock (the most favourable
case).

• Based on energetic principles, a dissipation factor has been de�ned as an
attempt to summarize the spread of plasticity in the towers with a scalar
value (section 8.5).

• The observed problems in towers with lower diamond and short spans inspired
an optimization study based on the proposed dissipation factor (section 8.6).
In light of the results, large values of the angle between the strut and the
inclined legs of the lower diamond below the deck are recommended; in seismic
prone areas this angle should be above 50◦. In this direction, and taking into
account the eccentricity of the axial load at the foundation level, the vertical
pier25 should be as wide as possible in order to control the energy dissipated
by the tower; the lower recommendable limit of this parameter in seismic areas
is Yvp ≥ 0.9B (where B is the width of the deck). Lower diamonds are not per
se inadvisable in seismic areas, but special care must be taken in the design,
de�ning smooth transitions of the sections and the slopes between the di�erent
parts forming this element. With this premise, models with lower diamond
present lower structural dissipation than the other towers (see �gure 8.12 for
main spans larger than 400 m).

24YD-CCP model with LP = 200 m on soft soil registered the collapse during the earthquake.
25Or the distance between lower legs at the connection with the foundation structure if the lower

diamond does not present vertical pier, e.g. Cantho bridge in Vietnam.
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9.1 Introduction

Signi�cant structural problems were observed in the towers of several cable-stayed
bridges under strong ground motions in the preceding chapter, something clearly un-
desirable due to the paramount importance of these members in the global integrity
of the structure. The actual trend in the seismic design of cable-stayed bridges aims
to avoid the damage in the towers by means of seismic devices. The study of cable-
stayed bridges is closed in this chapter by exploring di�erent control strategies with
special-purpose devices.

The results obtained in chapters 7 and 8 suggested the transverse location of the
seismic devices as the most e�ective one, due to the �oating deck-tower connection
employed1 (chapter 3). Accordingly, seismic devices are disposed only in transverse
direction in this thesis, which is focused on the seismic control of the tower. Several
research works deal with the seismic control using devices in the connection between
the deck and the abutments or intermediate piers, e.g. [Ali 1995] [Yamaguchi 2004]

1The connection considered only relates the deck and the towers in transverse direction.
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[Valdebenito 2009], among many others, but this solution is ignored in the present
study, which is centered on the towers in light of preceding results.

The objective of this chapter is to explore di�erent possibilities of seismic mit-
igation with auxiliary devices disposed in several locations throughout the tower,
obtaining their performance level by contrasting the controlled and uncontrolled
responses. Nonlinear dynamics is the preferred analysis approach since velocity-
dependent dampers (among other strategies) are studied, which precludes pushover
analysis (chapter 6).

Section 9.2 presents the design basis and several useful project considerations,
section 9.3 describes the problem from a mathematical standpoint, whereas sections
9.4 and 9.5 are devoted respectively to yielding metallic dampers and viscous �uid
dampers. Finally, the comparison between some of the implemented strategies is
presented in section 9.6 in order to select the optimum solutions. The chapter
�nishes with the summary of the most relevant conclusions extracted from this
analysis in section 9.7.

There are other seismic devices apart from the ones considered in this work, some
of them included in chapter 2, like the conceptually appealing active or semi-active
control, nonetheless the lack of implementation in real structures and normative
support discourages their consideration in the present study. Widespread friction
and viscoelastic dampers are not deemed adequate in this case due to their moderate
seismic dissipation and the strong in�uence of environmental conditions on their
behaviour. Finally, tuned mass and liquid dampers are not considered because of
the loss of tuning observed when the vibration properties vary, as a consequence of
structural degradation during extremely large earthquakes.

Tower model

Considering the whole set of full cable-stayed models analyzed so far, besides several
types of seismic devices (varying also their mechanical properties), is not reasonable
due to the computational cost of nonlinear dynamics, instead, simpli�ed models
of the towers are extracted from the full structures and analyzed in subsequent
paragraphs.

`Tower models' include a concentrated mass representing the length of the deck
which a�ects the seismic response of the tower through the transverse reaction (stud-
ied in section 7.6), this tributary length (or mass) is obtained by comparing the
seismic forces in the full model and the `tower model' in a trial & error proce-
dure illustrated in �gure 9.1. Boundary conditions conveniently avoid longitudinal
movements, whilst concentrated loads are distributed along the tower anchorages
to represent the self-weight of the deck and the cable-system. Further information
about the tributary deck mass obtained in all the models is moved to appendix J.

In light of the dissipation factors of the towers presented in the preceding chapter
(�gure 8.12), only two cable-stayed bridges are studied in the subsequent sections;
(i) models with `H'-shaped towers and avoided transverse rotation (θZZ �xed) at
deck-abutment connections; and (ii) models with inverted `Y'-shaped towers, lower
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Figure 9.1. `Tower model' including by means of a concentrated mass the percentage Υ of

deck length Ldeck which a�ects the tower in the transverse seismic response.

diamond2, central cable-system and completely released rotation at the abutments
(θZZ free). This last case of study is selected because it shows the larger inelastic
demand in the towers (chapter 8), whereas `H' towers are adequate to explore models
with long spans and signi�cant structural damage at the same time (section 8.5.3).
The study exclusively deals with soft soil (TD) due to the magni�ed inelastic demand
associated. Only the transverse component of the earthquake is applied in this
chapter, neglecting the other directions.

9.2 Initial design considerations

Yielding metallic (MD) and viscous �uid dampers (VD) respectively transform part
of the external work introduced by the seismic action into heat by means of hysteresis
loops or forcing a viscous �uid to pass through small ori�ces (section 2.4.2). Whereas
the e�ect of other devices, like tuned dampers, under moderate dynamic actions is
welcome since their response is clearly elastic, the contribution of yielding and �uid
dampers should be limited to earthquakes which are able to damage the structure; in
the case of dampers based on metal plasticity, the fatigue is the main reason to limit
their contribution (section 9.4), designing the devices in order to yield just below
the force which would cause excessive damage in the tower; viscous �uid dampers
are able to transform huge amounts of energy into heat, but a reasonable concern
arises about the heat which are able to resist the devices (up to 100 MJ in some
cases) without degrading their properties, which may force the designer to limit the
action of these dampers employing auxiliary systems like fuse restrainers (section
9.5).

Consequently, yielding and �uid dampers should start their passive contribution
to the seismic dissipation only above the maximum transverse action in these devices
(wherever they are located) caused by the extreme wind e�ect3 (FY,wind). In order
to obtain the wind force, the maximum wind pressure compliant with Eurocode 1

2The original de�nition of the lower diamond proposed in �gure B.5 is employed in this chapter
(ignoring the optimization study in section 8.6), but considering the smooth transition between
sections.

3More generally speaking, above the maximum force in the dampers due to any action di�erent
than strong earthquakes, which is normally the design wind action.
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(part 4) [EC1 2005] has been applied to the increased depth of the deck (to consider
the road tra�c action) along its whole length4, employing a basic wind speed of 30
m/s. The resulting reactions of the deck against the towers due to wind forces are
collected in table 9.1.

On the other hand, the maximum force exerted by any seismic device should
not be able to damage the structure; prior to the design of any yielding damper
(MD), this maximum allowable force is obtained through a pushover analysis of
the structure, where the seismic devices are included and their elastic properties
maintained during the calculation, the forces recorded in the yielding damper when
inadmissible damage of the tower starts, compose the maximum allowable loading
state of the device, beyond this level the metallic damper should yield and protect
the main structure by concentrating the inelastic seismic demand. In the case of
viscous dampers (VD), the same reason leads to limit their maximum reaction by
releasing pressure in the device, however, their properties are de�ned in terms of the
velocity, which is meaningless in pushover analysis; here, it is proposed to assume
their behaviour in�nitely sti� during the pushover analysis conducted to obtain the
maximum allowable damper force.

Regardless of the damper typology, the pushover is conducted after the applica-
tion of the self-weight, by considering the �rst vibration mode (which is transverse
since the `tower model' is 2D). Two points are of interest in the resulting force-
displacement plots; the force in the device when signi�cant cracking arises in some
sections of the tower, FY,crack, normally associated with smooth degradation of the
initial elastic sti�ness; and the force causing the �rst rebar yielding, FY,yield (which
produces a stronger reduction of the sti�ness). Figure 9.2 presents these plots5 in
the speci�c case of seismic devices connected between the deck and the ends of the
lower strut. The point where the structure collapses is not presented in this �gure
because the scale would make it di�cult to appreciate the start of the damage in
the tower; anyway, such advanced loading level is not interesting in the design of
seismic devices, since they should fail far before the structure reaches this point.

According to Priestley [Priestley 1996], metallic dampers should yield (or release
the pressure in the case of viscous dampers) prior to the start of the material nonlin-
ear response in the tower; the engineer should select the level of seismic protection
and design the damper to fail prior to the �rst yield of any rebar, prior to the �rst
crack, or adopt an intermediate level. As it may be observed in �gure 9.2, signi�-
cant degradation of the initial elastic sti�ness is usually recorded in these structures
due to cracking in several zones6 before the �rst rebar yielding. Establishing the

4Strictly speaking, the wind pressure should be applied not only to the deck but also along the
towers and the cable-system, however, the length of the deck is markedly larger than the height of
the towers, which has a variable pressure distribution due to the wind, furthermore, the depth of
the deck has been increased by two meters, considering the dimensions of the vehicles [EC1 2005],
thus the contribution of the wind action along the deck is larger than the one in the towers. The
wind pressure in the cable-system is deemed negligible in terms of the e�ect in the tower.

5The increment in the tower transverse sti�ness due to the linear dependence of the section
proportions with the main span (chapter 7), is veri�ed in �gure 9.2.

6Close to the foundation, and connections between the legs and the strut, chapter 8.
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Figure 9.2. Static pushover analysis to obtain the maximum allowable load in seismic

devices between the deck and the ends of the lower strut. H-LCP model with 200 and 400

m main span. Soft soil (TD). Tower model.

maximum allowable force of the seismic device just below FY,crack is hence deemed
appropriate, which is still above the transverse reaction exerted by the wind (FY,wind,
see �gure 9.2 and table 9.1), and improves the damper e�ectiveness since they start
working earlier. However, the low-cycle fatigue in yielding dampers is more of a
concern in this case (it has been studied in section 9.4).

Table 9.1 summarizes the information regarding the static analysis when the
devices are located between the deck and both ends of the lower strut in transverse
direction (the extreme allowable forces in the devices associated with other con�g-
urations are presented in the corresponding paragraphs). In light of the results, the
increase of the structural capacity as the main span becomes larger is observed, be-
sides the reduced force which starts of the nonlinear response in models with lower
diamond and moderate spans (LP = 200 m), due to the inappropriate design of
this member (section 8.6). Nonetheless, with larger main spans, models with lower
diamond present more capacity than the rest, as it was expected from the previous
chapter.

Care should be taken when de�ning the connection between the device and
the structure, minimizing as far as possible the introduction of localized tension in
concrete members, section 9.4.1 delves into this aspect.

9.3 Mathematical background

Prior to the discussion about the results, the theory behind the numerical imple-
mentation of such devices is brie�y addressed.

Consider aN -degree of freedom structure being its governing system of dynamics
represented by expression (2.7); the e�ect of added dampers linking several degrees of
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LP [m] FY,wind [MN]
FY,crack [MN]

H-LCP YD-CCP

200 0.91 13.32 9.36

400 2.42 23.59 37.51

600 4.45 38.42 73.30

Table 9.1. Extreme reaction of the deck against the towers due to wind (FY,wind) and

maximum allowable force in the devices (crack initiation, FY,crack) located between the

deck and both ends of the lower strut (solution `L-2Pt' in �gure 9.7), considering two

di�erent tower models. Soft soil (TD). Pushover based on the 1st mode.

freedom or acting on a single point (e.g. tuned dampers) aggregates one term derived
from the forces of these devices, leading to the following expression [Soneji 2007]
[Villaverde 2009]:

mü + cu̇ + fS(u, u̇) + IdFa = −mιüg (9.1)

Fa(t) being the matrix with the damper forces and Id the matrix which locates
such forces within the model, relating them with the degrees of freedom of the
structure. Considering for example the tower of a cable-stayed bridge with added
seismic devices in diagonal con�guration illustrated in �gure 9.3, Fa(t) and Id are
de�ned as:

Id =



1 −1 0 0 · · · 0

0 1 −1 0 · · · 0

0 0 1 −1 · · · 0

0 0 0 1 · · · 0
...

...
...

... · · · 0

0 0 0 0 · · · 1


(9.2a)

Fa (t) =


Fk1 (t) cos θ1

Fk2 (t) cos θ2
...

FkN (t) cos θN

+


Fd1 (t) cos θ1

Fd2 (t) cos θ2
...

FdN (t) cos θN

 (9.2b)

Where Fkj and Fdj are respectively the forces of the spring and dashpot which
may be use with generality to describe the device in the jth degree of freedom. The
values of these forces are given for yielding and viscous dampers described below.
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A) Torre en “H”  B) Torre en “Y”  invertida C) Torre en “Y”  invertida 
con diamante

D) Torre en “A”  E) Torre en “A”  
con diamante

Figure 9.3. `H'-shaped tower with added seismic devices in diagonal (in-line) assembly.

9.4 Yielding Metallic Dampers: MD

A brief description of these devices, based on the energy dissipated through metal
plasticity, was presented in section 2.4.2.1. Among the wide range of existing MD,
three typologies have been studied in the present thesis due to their extensive im-
plementation and testing; yielding dampers formed of triangular plates (referred as
TADAS in the literature), Shear Links (SL) and Buckling-Restrained Braces (BRB).

9.4.1 Design basis

The purpose of the design with yielding dampers is to localize the seismic damage
where it is more interesting for the structure, i.e. in these auxiliary devices, being
properly protected to ensure stable hysteresis loops.

The design of a new structure with seismic devices should be performed de�ning
�rst the dampers and then the reinforcement of the concrete sections in order to fully
exploit the capacity of the bridge [Priestley 1996]. However, this study starts from a
previous con�guration de�ned without seismic devices, and the same reinforcement
(de�ned in section 3.5) is employed for comparison purposes, thus the design of this
equipment is performed as it would be done in a retro�t project.

Regarding the analysis methodology appropriate in the design of models with
yielding dampers, [EC8 2005a] and [Priestley 1996] recommend three procedures;

• First, a model considering the deck completely rigid and neglecting the modes
di�erent from the fundamental one should be de�ned. However, this method is
not suitable for cable-stayed bridges, where the mass of the towers is signi�cant
and their movements in�uence the response of the deck.

• The multi-modal spectrum approach is recommended for the design stage of
bridges with seismic devices; a modi�ed spectrum is de�ned by reducing the
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original design spectrum for periods above 0.8Tf (where Tf is the fundamental
period of the bridge), as an attempt to take into account the dissipation of the
yielding damper at long periods, whereas negligible in�uence of these devices
is assumed for shorter periods [Mayes 1993]. An iterative procedure consider-
ing the updated secant sti�ness of the devices characterizes this methodology,
thoroughly described elsewhere [Camara 2008]. There are mainly three rea-
sons to reject this procedure in the present thesis; (i) the lack of physical
meaning of the normative factor employed to reduce the spectrum due to
added damping7; (ii) the problems arising if the structure present important
modal couplings, like cable-stayed bridges, where the selection of the border
distinguishing the periods which are a�ected by the dampers is not clear; and
(iii) the errors associated with spectrum analysis (MRSA) in seismic studies
of cable-stayed bridges (chapter 6), specially in nonlinear range with reduced
spectra.

• Rigorous Nonlinear Response History Analysis (NL-RHA) has to be conducted
in order to verify the design obtained with the preceding method, and repeated
at least for three records with equivalent spectrum (chapter 5), if partial dam-
age in the towers is expected even including seismic devices, or if the founda-
tion soil is soft (TD). Both conditions are met in this chapter.

Consequently, nonlinear dynamics is the procedure selected, maintaining the
scheme adopted in previous chapters; the calculation is repeated for twelve syn-
thetic records representing soft soil conditions, and the average (µ) is studied. The
design of any damper starts from the de�nition of the force causing its failure (prior
to the damage of the tower, section 9.2); [Priestley 1996] proposed to obtain this
yielding force (Fel,MD) by reducing the maximum allowable load exerted to the tow-
ers (FY,crack) by 15 % and applying also a reduction of 10 % to take into account the
possible variation of expected damper properties (due to environmental conditions
or imperfections during the construction):

Fel,MD = 0.85 · 0.9 · FY,crack (9.3)

The sensitivity of structures with seismic devices under unexpectedly strong
earthquakes is of a concern (section 2.3). A solution, adopted in Rion-Antirion and
Stonecutters cable-stayed bridges, is to allow a certain level of structural damage in
the towers when the structure is subjected to extremely large ground motions (re-
ferred as `partial isolation' in Eurocode 8 [EC8 2005a]), which helps seismic devices
dissipating the energy; in order to obtain this performance, Priestley suggests to
provide increased values of hardening to the yielding damper (MD) beyond its limit
load, Fel,MD, other solution may be the equipment of limiters which reduce excessive
displacements. In the present research, the material forming the yielding metallic
devices is simply structural steel (de�ned in each particular case), but neglecting

7η =
√

10/(5 + ξ) in Eurocode 8, where ξ is the damping in percentage.
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the material constitutive hardening (which is instead imposed to the macroscopic
model with the parameter βp, further discussed below) and, due to the generality
of the study, no attempt has been made to consider special con�gurations or metal
alloys in order to increase the demand in the towers. However, the project of a real
cable-stayed bridge with MD should involve laboratory testing of the device in order
to assess perfectly its cyclic behaviour in the nonlinear range. In fact, the kinematic
hardening properties associated with the MD exert a signi�cant in�uence on the
global response of the structure, as it has been observed by the author through
several sensitivity analyses with di�erent hardening rules; extensive testing is again
recommended.

Damper behaviour and macroscopic modelling

If the added devices are yielding metallic dampers (MD), then the dashpot compo-
nent of the force introduced by jth device in the system of dynamics (9.1) van-
ishes; Fdj = 0, and its contribution is purely described by a nonlinear spring;
Fkj = f(xj(t), ẋj(t)). Figure 9.4 schematically presents the force-deformation of jth
MD, βp,j being the slope of the hardening branch, sometimes referred as elastoplas-
tic tangent modulus. The nonlinear spring properties representing cyclic plasticity
of MD should be obtained from experimental laboratory tests, in order to shed light
on the expansion and translation properties of the yield surface.

The algorithm used to solve the system of dynamics (9.1) should take into ac-
count not only the deformed con�guration at each instant, but also the previous
history of the response. The integration algorithm included in appendix H, particu-
larized to SDOF systems exhibiting combined isotropic/kinematic hardening in the
spring (Simo and Hughes [Simo 1998]), may be employed to resolve the problem.
However, the capabilities of Abaqus [Abaqus 2010] dealing with this kind of prob-
lems are e�cient and broadly employed, thus an element with material properties
representing the elastic and inelastic macroscopic response8 of the device has been
directly de�ned in the FEM to represent the yielding damper.

9.4.2 Triangular plates: TADAS

Triangular plates (hereinafter simply referred as TADAS) are selected to form the
yielding damper connecting the deck and the tower in transverse direction, sub-
stituting the original sti� link de�ned in section 3.2.3. Within the wide range of
yielding dampers (see tables 2.1 and 2.2), triangular plates present a constant cur-
vature distribution along their height due to the linearly varying width and the
cantilever behaviour; each plate is welded9 to a metallic element �xed to the strut,
whilst at the top it is connected to the lower part of the deck only in transverse

8The forces and relative displacements of the damper employed in �gure 9.4 are translated
respectively into stresses σ and deformations ε in the truss element, by considering unit area and
unit element length; σ = Fkj and ε = xj .

9X-shaped plates have also constant curvature but their connection with the structure is bolted
at both extremes, being the response in�uenced by the tightness of the bolts [Villaverde 2009].
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Figure 9.4. Assumed force-deformation response of j-th yielding steel damper (MD).

direction, releasing both vertical and longitudinal movements10 according to the de-
sign presented in �gure 9.5. The steel considered is B-500 SD described in section
3.3, its nonlinear constitutive behaviour is detailed in section C.1.2.

Detalledeuna placa triangular:
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Figure 9.5. Description of the yielding damper (TADAS) employed between the deck and

the tower, besides its location with respect to the global axis of the bridge.

According to the description of the magni�cation factor for seismic devices (fm)
included in section 2.4.2.2, TADAS connecting the deck and the lower strut are
disposed with fm = 1.

It is worth paying attention to the connection between the welding plate and
the lower strut; signi�cant di�erences in the static force which starts the damage in
the tower have been observed by modifying this connection. Figure 9.6 illustrates

10The vertical and longitudinal movement is released in the proposed TADAS by means of a
metallic slotted box attached to the lower part of the deck, which forces the movement of the apex
to be inside the plane described by the corresponding slot, see �gure 9.5.
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two design possibilities; limiting the transfer length (i.e. the length of the welding
plate connected to the strut) to the minimum required by the number of triangular
plates, or extending this length to the whole strut. Cracking arises in the strut at the
connection with the legs if the �rst solution is adopted, because the transverse load
transferred through the seismic devices introduces tension in one side of the strut
that is free from connection, reducing the load which damage the tower. However,
if the welding plate is extended and connected to the longitudinal reinforcement of
the strut along its whole length, the tension in the strut due to the reaction of the
deck is prevented, delaying cracking in the tower.

Figure 9.6. Two design possibilities in the connection between the damper and the lower

strut. Cracking is schematically represented in the �rst solution.

The in�uence of the connection with the strut has been studied here by means
of nonlinear static analysis with incremental transverse load (P ) according to the
schemes presented in �gure 9.7, in order to explore the optimum solution in one
cable-stayed bridge (`H'-shaped towers with 200 m main span). The loads causing
the start of the nonlinear response due to signi�cant cracking, and the ones causing
the �rst rebar yielding in the towers, are collected in table 9.211. As it was expected
from �gure 9.6, the optimum solution is the extended transverse connection of the
welding plate to the whole length of the strut, however, nearly the same result is
obtained linking this element only to the connection between the strut and the legs
of the tower (solution referred as `L-2Pt' in �gure 9.7), since tension in the strut is
also prevented. From the constructive point of view, connecting the whole length of
the welding plate to the strut (solution `D-Ltot') is more reasonable, since buckling
in this element is prevented; from the modelling standpoint, connecting the damper
to both ends of the struts is easier, being this latter solution the one employed in
the numerical study dealing with devices between the deck and the tower (either

11Similarities between pushover based on the �rst transverse mode and the nonlinear static study
with the incremental point load P may be observed; the results are similar (compare tables 9.2
with `L-2Pt' con�guration and 9.1) in the study of bridges with moderate spans (LP = 200 m)
because the reaction of the deck governs the transverse response and, hence, pushover conducted
in section 9.2 is dominated by the load of this element (larger models are more in�uenced by the
response of the tower itself and pushover takes into account the excitation in the whole structure).
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TADAS in this section or viscous dampers in section 9.5). The transmission of the
transverse load exclusively against one of the ends of the strut (con�guration `L-
1Pt') is not recommendable in seismic areas, which was the solution considered in
the original deck-tower connection studied in the preceding chapters, and is typically
adopted in cable-stayed bridges [Gimsing 1998].

Figure 9.7. Loading schemes in several con�gurations of seismic device-strut connections.

Load con�guration FY,crack [MN] FY,yield [MN]

C-1Pt 11.44 22.54

L-1Pt 10.66 21.11

L-2Pt 13.35 24.61

D-Ldevice 11.51 22.64

D-Ltot 13.32 25.04

Table 9.2. Loads P marking the start of cracking FY,crack and �rst yield of tower rebars

FY,yield corresponding to several con�gurations of seismic device-strut connections according

to �gure 9.7. H-LCP model with LP = 200 m. Nonlinear static analysis.

Returning again to the design of TADAS, once its connection with the strut is
established, �rst, reasonable dimensions for one plate are de�ned; Ha = Ba = 0.6

m and ta = 0.03 m (described in �gure 9.5), which allow their installation in the
strut below the deck (see an example in �gure 9.8); the minimum width of the strut
in the considered towers is 2.3 m (parallel to the tra�c direction), thus the width
of the plates (Ba = 0.6) m is allowed; on the other hand, the distance between the
lower part of the deck and the upper �ber of the strut is one meter, which releases
enough space to accommodate the triangular plates (Ha = 0.6 m high), the welding
plate (0.03 m thick) and the metallic box for the connection with the deck (detailed
information about the dimensions of the towers is included in appendix B).

The number of triangular cantilever plates opposed to the transverse relative
movement between the deck and the strut (Np) is then selected by imposing yielding
at the appropriate allowable force (Fel,MD, obtained from expression (9.3) and table
9.1). Due to the triangular shape, all the sections along the height of the plate yield
at the same time (see equation (9.6), independent of z). Considering a single plate,
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with a load P/Np at the top12, any of its rectangular sections has the following
plastic moment:

Mpl,plate = 2

[
σy
ta
2

Ba
Ha

(Ha − z)
ta
4

]
=

1

4
σyt

2
a

Ba
Ha

(Ha − z) (9.4)

Where the yield stress is σy = 552 MPa for B-500 SD, and z is the height between
the lower welding plate and the considered section of the triangular plate.

On the other hand, the bending moment distribution in a cantilever beam with
one force (P/Np) at the top is:

Msd,plate =
P

Np
(Ha − z) (9.5)

The number of plates required to yield completely when P = Fel,MD is:

Msd,plate = Mpl,plate → Np =
4Fel,MDHa

σyt2aBa
(9.6)

Finally, the elastic sti�ness of the complete device (TADAS) is:

Kel,MD =
NpEsBat

3
a

6H3
a

(9.7)

Es = 210 GPa being the elasticity modulus of the steel.
One `truss' �nite element with unit length has been de�ned to represent TADAS

in the macroscopic model13; its elastic sti�ness (Kel,MD) is obtained with expression
(9.7) and the yielding force (Fel,MD) results from eq. (9.3), whereas a moderate value
of hardening14, obtained from the laboratory test results of Tsai et al [Tsai 1993],
is assigned to the macroscopic level with a combined kinematic/isotropic rule (see
appendix H); βp = 1000 MPa.

The distance between the top section of the triangular plates, where the reaction
of the deck is applied, and the gravity center of the lower strut (de�ned in appendix
B) introduces bending moments besides the horizontal force, the negligible e�ect of
these moments has been observed in speci�c static analysis where such bending was
aggregated, which is explained due to the reduced value of that height; this result
allows the direct connection between one node of the truss element representing
TADAS device and both ends of the strut by means of sti� springs working only in
transverse direction, the other node of the damper is attached to the deck.

Considering the distance between consecutive plates equal to 0.03 m (which
avoids the contact between plates during their deformation) the length of the yield-
ing damper (LMD) is obtained (regardless of the size of the welding plate, that
should cover the whole strut as it was previously stated), and the viability of the

12The reader may want to observe the right part of �gure 9.5 to see the cantilever plates and
their loads.

13The truss element has been employed to prevent bending in the macroscopic device model.
14No hardening has been considered in the calculation of the plastic moment in expression (9.4).
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resulting dimensions is veri�ed taking into account the allowable space; due to ge-
ometric constraints, exceeding the total width of the deck plus 2 m (27 m) is not
allowed (see �gure 9.8). Table 9.3 includes the �nal design of TADAS in every
model, observing that the allowable distances are respected15. Figure 9.8 illustrates
the allowable distances and the con�guration of the yielding damper in one of the
proposed towers.

LP [m]
H-LCP YD-CCP

Fel,MD Np Kel,MD LMD Fel,MD Np Kel,MD LMD

200 10.19 82 215.3 3.92 7.16 57 151.3 2.46

400 18.04 145 381.4 7.72 28.69 231 606.5 12.86

600 29.39 236 621.2 13.20 56.07 451 1185.1 26.09

Table 9.3. Information about the design of TADAS in the studied towers. Units; yielding

force Fel,MD [MN], elastic sti�ness Kel,MD [MN/m] and total length of the MD LMD [m].

Np is the number of triangular plates.
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Figure 9.8. Location of TADAS in H-LCP model with LP = 600 m. Allowable and design

dimensions. Measurements in meters.

9.4.2.1 Results

In order to reduce the length of the document, the graphical information is mini-
mized and focused on the extreme seismic response of the tower, besides the seismic
device behaviour (�gure 9.11) and the energy balance (�gure 9.12) in speci�c models.

The extreme deformation recorded along the height of the tower when TADAS
are employed is presented in �gures 9.9 and 9.10 for models with 200 and 400 m
main span, besides the result obtained with the original transverse sti� connection16

(without seismic devices). The e�ectiveness of TADAS, when located between the
deck and the tower, is strongly in�uenced by the transverse tributary mass of the

15Despite 27 m is the maximum allowable length of TADAS along the lower strut, the width
of the deck (B = 25 m) should not be exceeded for constructive reasons; from table 9.3, model
YD-CCP with 600 m may dispose the triangular plates in two rows, correcting the problem.

16For comparison purposes both the controlled and uncontrolled responses have been obtained
with the `Tower model' described in appendix J, the same has been done in all the results included
in this chapter.
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deck, i.e. the larger the contribution factor Υ in tables J.1 and J.2 the greater the
reduction of seismic demand in the tower; with this in mind, it is clear that models
with moderate spans, below 400 m, are the best candidates to be controlled with
the proposed con�guration of TADAS, above this threshold the mass of the deck af-
fecting the tower in the dynamic response is reduced in comparison with the mass of
the tower itself (specially if deck-abutment connections prevent the transverse rota-
tion), consequently, other solutions should be studied because the e�ect of TADAS
connecting the deck is negligible (�gure 9.9(b)). The proposed scheme of seismic
protection e�ectively reduces cracking in the model with `H'-shaped towers and 200

m main span; �gure 9.9(a) details how TADAS avoids excessive cracking and rebar
yielding in this case, nonetheless the deformation in compression is hardly a�ected.
The reduction of normal deformations, both in tension and compression, is out-
standing in `Y'-shaped towers with lower diamond, central cable-system (YD-CCP)
and moderate spans (�gure 9.10(a)), solving the undesirable response due to the
inappropriate design of the lower diamond proposed in this bridge for LP = 200 m
(see section 8.6), and avoiding the observed collapse in this model without seismic
devices (where some rebars exceeded the ultimate strain εsu = 11.4 %). Despite
reduced in comparison with the 200 m main span model, an e�ective response of
TADAS is observed in YD-CCP with 400 m main span (�gure 9.10(b)), which is
also explained by the tributary mass of the deck in this bridge (table J.2).

(a) LP = 200 m (b) LP = 400 m

Figure 9.9. Extreme averaged total normal deformation (εtot) recorded along the tower

height without seismic devices or including TADAS between the deck and the tower. H-

LCP model with two main spans and θZZ �xed. Soil TD. Tower model. Sign `+' tension;

`-' compression.

The load-displacement response of a yielding damper, installed in the `Y'-shaped
tower with lower diamond and proportions corresponding with a main span of 200

m, is included in �gure 9.11(a) for one record, verifying the required macroscopic
properties of the device17 and the hysteresis loops, besides the slight expansion of
the yielding surface due to the hardening rule. Figure 9.11(b) shows the same result

17Fel,MD and Kel,MD in table 9.3.
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(a) LP = 200 m (b) LP = 400 m

Figure 9.10. Extreme averaged total normal deformation (εtot) recorded along the tower

height without seismic devices or including TADAS between the deck and the tower. YD-

CCP model with two main spans and θZZ free. Soil TD. Tower model. Sign `+' tension.

for the homologue model with LP = 400 m, where the reduced inelastic demand
(and hence e�ectiveness) in the device may be observed, however, the improvement
of the seismic response is relevant in that case18, probably due to the control of the
maximum reaction of the deck against the towers. On the other hand, the peak
relative transverse displacement recorded in TADAS for all the studied structures
is 0.31 m, which is below the transverse clearance between the deck and the lateral
legs; 1 m (see �gure 9.8), thus the seismic response is valid in this sense; after a
strong earthquake (ag = 0.5 g), the permanent displacement of the deck (below 0.26
m) may be easily corrected by hydraulic jacks without interrupting the tra�c, a key
requirement in Performance Based Seismic Design.

(a) LP = 200 m (b) LP = 400 m

Figure 9.11. Load-displacement response of TADAS in deck-tower connection. YD-CCP

model with di�erent main spans. Soil TD. Tower model. θZZ free. Accelerogram No. 3.

18More than considering `H'-shaped towers with the same main span, compare �gures 9.9(b) and
9.10(b).
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Figure 9.12 depicts the most interesting components of the energy balance in
`H'-shaped towers, LP = 200 m and uncontrolled or controlled response employing
TADAS19; the energy dissipated by plasticity (ESp) is referred only to the tower,
excluding the seismic devices if they are equipped (the external work introduced by
the earthquake, EW , is not a�ected by this distinction, being extended to the whole
model). The reduction of the energy dissipated by structural hysteresis (ESp) is
clear when TADAS connect the deck and the tower in this case, which is due to the
increase of this plastic dissipation in the device (specially at the end of the seismic
excitation because of the cumulative nature of this phenomenon). The comparison
in terms of energy balance between models and control strategies is included in
section 9.6. The increase of the total external work when yielding dampers are
installed has been also observed by other research works [Soong 1997]. This input
energy has non-zero values prior to the strike of the earthquake due to the work
of the self-weight deforming the bridge. Structural damage starts in the illustrated
case at t ≈ 4 s, when the accelerograms present the maximum intensity (de�ned by
the modulating function, F (t), chapter 5).

Figure 9.12. Evolution of the external work and the energy dissipated by plasticity during

the earthquake with TADAS and without seismic devices. H-LCP model, LP = 200 m and

θZZ �xed. Soil TD. Tower model. Accelerogram No. 3.

The ine�ciency of TADAS controlling the tower when connected to the deck, in
models with main span larger than 400 m, was observed. In this direction, �gure 9.13
presents the extreme transverse displacements20 along the height for all the studied
models. The negligible e�ect of TADAS in deck-tower connection of large models,
with LP = 600 m is veri�ed, besides the e�ective reduction of the displacements in
models with lower diamond and moderate spans.

19The sources of energy presented here were detailed in section 8.5.1.
20Relative displacements are included in �gure 9.13, by subtracting the ground displacements to

the total recorded ones, and �nally obtaining the average for the set of 12 records.
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Figure 9.13. Extreme averaged relative transverse displacements recorded along the tower

height without seismic devices or including TADAS between the deck and the tower. Dif-

ferent main spans are considered. Soil TD. Tower model.

In order to explore in more detail the seismic response of large towers, a simple
study was proposed; the `H'-shaped tower corresponding to the model with 600 m
main span and considered alone, without any mass representing the deck, was sub-
jected to the transverse records associated with soft soil. Similar inelastic demand
was observed in comparison with the model including the corresponding tributary
mass of the deck, which again suggests the poor performance of seismic devices
between the tower and this element in the control of large towers.

Low-cycle fatigue in TADAS

As it was introduced in section 2.4.2.1, yielding dampers may be sensitive to
low-cycle fatigue phenomena due to the large inelastic excursions which could be
experimented by these elements. According to the simpli�ed rule of Co�n-Manson
(published in many references, e.g. [Soong 1997]), the number of cycles to failure
Nf is obtained as:

∆εp

2
= ε′f (2Nf )c (9.8)

Where ∆εp/2 is the plastic strain amplitude and ε′f is the failure strain for a
single reversal (referred as fatigue ductility coe�cient), which is usually considered
equal to the ultimate plastic strain of the material in a monotonic test if no speci�c
data is available; due to the lack of any additional information in this general study,
it seems reasonable to adopt the plastic strain in the ultimate state ε′f = εpsu =

εsu − 665 · 106/Es = 11.1 %. On the other hand, c is an empirical constant known
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as fatigue ductility exponent, which is characteristic of the material and commonly
ranges from −0.5 to −0.7 in metals; in light of the results reported in many works
about typical steel [Meggiolaro 2004], c = −0.55 is selected in this research.

The approach of Palmgren-Miner is considered here to take into account the
non-uniform seismic response of the yielding damper, stating that failure occurs
whenever:

Rpm =
∑
i

ni
(Nf )i

≥ 1 (9.9)

ni being the actual number of cycles at plastic strain range level (∆εp)i.
The results obtained from the macroscopic model of TADAS in the structure,

included for example in �gure 9.11, are expressed in terms of load and relative
displacement of the `truss' element representing the damper; these results are trans-
formed into stress-deformation plots taking into account the geometry of one single
plate (presented in �gure 9.5). The following expression relates the relative dis-
placement of the device (u, in meters) with the uniform deformation along the plate
height (ε, in percentage):

ε = 26.7u (9.10)

The procedure described above has been implemented in Matlab [Matlab 2011],
obtaining the Palmgren-Miner fatigue ratio (Rpm) and the peak recorded strain
amplitude (∆ε/2) in all the models from the load-displacement curves extracted in
TADAS. Table 9.6 summarizes the results, including the averaged ratios for the set
of twelve accelerograms.

LP [m]
H-LCP YD-CCP

∆ε/2 Rpm ∆ε/2 Rpm

200 5.75 0.130 9.78 1.209

400 3.02 0.007 2.55 0.004
600 1.66 ≈ 0 1.33 ≈ 0

Table 9.4. Low-cycle fatigue results in TADAS (averaged for 12 records), including the

peak total strain amplitude ∆ε/2 [%] and the Palmgren-Miner ratio of accumulated damage

Rpm. Values marked in red colour means fatigue failure. Soil TD. Tower model.

The strong in�uence of the tributary mass of the deck on low-cycle fatigue risk of
these devices is observed by comparing table 9.6 with tables J.1 and J.2, which was to
be expected due to the larger e�ciency of TADAS located in deck-tower connection
as long as the portion of the deck a�ecting the tower increases. The most important
observation from this study is the fatigue failure observed in `Y'-shaped towers with
lower diamond and 200 m main span, which means that TADAS connecting the
deck and the tower is not a valid strategy in this case (despite the response of the
structure was e�ectively controlled, �gure 9.10(a)). Di�erent control strategies are
subsequently studied in that model, but it should be recognized that the initial
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design of its lower diamond is not well de�ned, and the best way to protect the
structure is by optimizing the slope of the inclined legs, as recommended in section
8.6.

The rest of the studied models do not present fatigue risk, however, the depen-
dence of this e�ect on the length of the record should be taken into account21; larger
durations are expected to be detrimental for low-cycle fatigue analysis [Hancock 2006]
but no attempt has been made in this work to study this dependence, the e�ect of
near-fault records with pulse-like e�ects has been neither considered here.

The maximum strain amplitude recorded in TADAS during the earthquake is
included in table 9.6 in order to obtain a broader view of the problem. Priestley
[Priestley 1996] recommended to maintain this parameter below 5 % in yielding
dampers for extreme seismic events, but this simpli�ed rule does not take into
account the variability of the strain demand in the seismic device during the earth-
quake, which is instead included in Rpm; according to Priestley, TADAS in `H' towers
with LP = 200 m would be inappropriate, nonetheless, the fatigue failure is far from
being a problem in this case with the rule of Palmgren-Miner (Rpm = 0.130 << 1).
More exhaustive analysis may be conducted in the project of these devices, consid-
ering for example the load-path dependency, but the veri�cation of Palmgren-Miner
is recommended as a �rst approach.

9.4.3 Shear Links: SL

In order to control the seismic response of `H'-shaped towers in bridges with large
spans, where a signi�cant damage besides the ine�ciency of seismic devices between
the deck and the tower have been observed previously, Shear Links (SL) formed by
yielding metallic members (MD) and located in the transverse struts are studied
here. The seismic control through shear links has been already adopted in the
new Oakland cable-supported bridge (USA), among other structures [Dusicka 2002]
[McDaniel 2003]. This control strategy is inspired by Eccentrically Braced Frames
(EBF), broadly applied to buildings structures, and meets the current design trend
in earthquake engineering, facilitating the failure of the beams before than columns
(`weak beam-strong column' philosophy).

Figure 9.14 presents the proposed design; the central part of each transverse
strut is substituted by a yielding damper (referred as link) conveniently sti�ened to
avoid buckling, whereas the energy dissipation in the rest of the strut is prevented
by prestressing or enlarging the dimensions of the concrete sections close to the
lateral legs, where otherwise cracking would be concentrated (see �gure 8.6). Large
sections of the strut in the connection with the legs are discouraged due to the strong
bending moment which may be introduced to these lateral members; in this work
it is proposed to increase the depth of the strut by 15 % in comparison with the
original parametrization presented in appendix B, as it is depicted in �gure 9.15.
Only a `H'-shaped tower with proportions corresponding to the bridge with 600 m

21A total duration of the accelerograms equal to t = 20 s has been considered (chapter 5).
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main span22 has been considered in this case.

X Y

Z

Figure 9.14. Scheme of the seismic control with shear links in `H'-shaped towers.

One could design a shear connection between both parts of the strut by means of
several plates, with double curvature instead of the triangular shape in TADAS due
to the double-cantilever conditions of the link (this solution is sometimes referred as
XADAS), however, the important axial load in the lower strut due to the reaction
of the deck discourages this solution. Instead, one single compact and robust piece
is de�ned.

According to the description of the magni�cation factor of seismic devices (fm)
discussed in section 2.4.2.2, shear links connecting both parts of the strut are dis-
posed with fm = 1.

9.4.3.1 Design of shear links

The proposed design of shear links is summarized next in a step-by-step form:

1. Analogously to the design procedure detailed in the preceding section, the
�rst step is to obtain the loads (in this case shears) marking the yielding of
the metallic dampers; pushover analysis based on the �rst vibration mode
is conducted, including the shear links but preventing their yielding. The
struts are modelled with enlarged sections in the connections with the legs
(�gure 9.15) so that cracking in these points is avoided, recording the �rst
inelastic demand at the foundation level (the dampers remain elastic in this
pushover). Each link should yield before achieving the shear which causes
the nonlinear response of the main structure (Vcrack), the expression (9.3)

22In H-LCP model with LP = 600 m, the structural damage of the uncontrolled structure is
signi�cant (see �gure 8.12), and devices between the deck and the tower are ine�cient.
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(properly modi�ed) is employed to obtain Vel,SL, marking the beginning of
yielding in the shear links:

Vel,SL = 0.85 · 0.9 · Vcrack (9.11)

2. The required shear area of each link, As, is obtained by imposing its shear
strength Vs to be equal to Vel,SL:

Vel,SL = Vs =
σy,w√

3
As → As =

√
3Vel,SL
σy,w

(9.12)

σy,w being the yield stress of the web.

3. The section of each shear link is selected. According to Becker and Ishler
[Becker 1996], the most e�cient link section minimizes the shear capacity Vs
(satis�ed by selecting As with eq. (9.12)) and maximizes the bending �exural
strength23 Ms, thus the optimum solution usually is the deepest possible while
complying with the compact web criteria. Tubular sections (�gure 9.15) are
adopted in this study to prevent lateral torsional buckling [Berman 2008],
being recommendable in bridges, where lateral bracings to avoid this problem
are di�cult to provide. If the section has two vertical webs, the depth of the
shear link (dSL) may be obtained with:

As = 2d′SLtw → d′SL =
As
2tw

(9.13)

Where d′SL = dSL − 2tf , the thicknesses tf and tw correspond to the �ange
and the web respectively.

Design criteria for tubular shear links, like the ones considered in this study
and depicted in �gure 9.15, have been provided by Berman and Bruneau
[Berman 2008] in light of experimental tests (ensuring compact sections ac-
cording to Eurocode 3 [EC3 2005]); (i) the width of the �anges is maximized in
order to enlarge the bending capacity, the maximum allowable width between
webs or sti�eners (b′, see �gure 9.15) is selected24: b′/tf = 0.64

√
Es/σy,f

(where σy,f is the yield stress of the �ange), considering σy,f = 355 MPa
(steel grade S-355 [EC3 2005]) and tf = 0.03 m, results b′ = b − 2tw = 0.46

m; (ii) the web compactness ratio in shear links should be limited to d′/tw ≤
1.67

√
Es/σy,w, where d′ is the vertical distance between �anges or sti�eners

(�gure 9.15); if σy,w = 355 MPa, the maximum value of the `free' depth is
d′ = 1.21 m, sti�eners should be disposed to meet this criteria if the total

23Large values of the ratio between Ms and Vs ensure the shear response dominance in the link.
24The total width of the link bSL, according to the sti�eners arrangement included in �gure 9.15,

is four times the total `free' width b′.
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required depth (d′SL) of the link is larger than d′ (which is our case). Follow-
ing these rules, the dimensions obtained in each shear link are summarized in
�gure 9.15 and table 9.5.

4. The length of the link is obtained; eSL. The inelastic behaviour of the link
is signi�cantly in�uenced by its length; the shorter this element, the greater
the in�uence of shear forces on the inelastic performance, and the greater the
rotation25. Shear yielding of the link is encouraged since the associated re-
sponse is very ductile; lateral torsional buckling is delayed in short tubular
elements and the interaction of other forces with shear is reduced (facilitat-
ing modelling). Nonetheless there are some lower limits of the length eSL;
building codes limit the ultimate plastic rotation of this element (to 0.08 rad
for `short links'; eSL < 1.6Ms/Vs [AISC 2005]), another constraint is the gen-
eral recommendation of designing links where the length is greater than the
depth. A recommended value of the link length, adopted in this work, is
eSL = 1.3Ms/Vs [Becker 1996], which ensures the dominance of shear yielding
in the global behaviour (in elastic range the response is instead governed by
bending moments and axial loads). Considering the section of the shear link
represented in �gure 9.15, its shear and bending capacity may be obtained in
a simpli�ed manner as follows26:

Vs = As
σy,w√

3
(9.14a)

Ms = σy,fbSLtf (d′SL + tf ) +
1

2
σy,wtwd

′
SL

2 (9.14b)

eSL = 1.3
Ms

Vs
(9.14c)

5. Design of sti�eners; if 0.64
√
Es/σyw ≤ d′/tw ≤ 1.67

√
Es/σyw , the sti�eners

of the webs should be provided at the following spacing [Berman 2008]:

aSL = tw

(
CB −

dSL
8tw

)
(9.15)

Where CB = 20 for the conditions involved in this study (ultimate rotation
0.08 rad).

The International Building Code [IBC 2006] requires full depth web sti�eners
on both sides of the webs at the ends of the links. If the response is controlled
by the shear, as it is desired here, intermediate full depth web sti�eners are

25The connection between the link and the strut is de�ned to transfer both shear loads and
bending moments, since designing a hinged connection is discouraged in the middle of the strut,
where robustness is of extreme concern.

26Hardening is again ignored when computing the plastic bending moment of the MD section,
however, in the macroscopic model this e�ect is taken into account.
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also needed. The minimum thickness of these elements is 0.75tw or 0.0095 m;
since tw = 0.03 m, 0.022 m thick sti�eners have been employed27.

Several trials may be required to ful�ll all the aforementioned requirements and
the geometric constraints imposed by the dimensions of the structure. Figure 9.15
includes the parametric representation of the shear links, whereas the information
about the resulting design of these members is completed in table 9.5. In light of the
pushover analysis (�rst step of the design procedure), the required shear strength is
maximum in the intermediate strut (at the bottom of the anchorage area), whilst it
is minimum in the upper strut. The steel of the �anges and the webs may be di�erent
for design optimization, in this case only S-355 [EC3 2005] (σy,f = σy,w = 355 MPa)
is employed in order to obtain larger values of the required area28 As. whereas the
thickness of the �ange, webs and the longitudinal sti�eners is always tf = tw = 0.03

m.
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Figure 9.15. Parameters de�ning the proposed tubular shear links.

Strut level d′SL d′ bSL b′ eSL aSL

Upper 0.80 0.27 1.84 0.46 1.50 0.50
Intermediate 3.00 1.00 1.84 0.46 3.75 0.22

Lower 2.65 0.88 1.84 0.46 3.56 0.25

Table 9.5. Design of the shear links. H-LCP model with LP = 600 m (θZZ �xed). Soil

type D. The parameter description is included in �gure 9.15. Measurements in meters.

27The sti�eners design, and the connection between the shear links and the concrete of the strut,
require detailed analysis beyond the scope of this study, which is interested in the macroscopic
behaviour of the shear link in order to represent their response in the global structure.

28Considering B-500 SD with σy = 552 MPa leads to solutions with small depths, di�cult to
locate in the struts of large cable-stayed bridges (if LP = 600 m, the original depth of the lower
strut is around 7.8 m).
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Despite the longitudinal component of the earthquake is not considered in this
chapter, and in-plane behaviour is routinely assumed in the design practice of shear
links, the out-of-plane response deserves a brief note; the di�erential longitudinal
movement of the tower legs (torsion of the tower) will introduce bending along the
vertical axis in the shear link, and yielding caused by these action is not desired; the
width of the shear links (bSL) has been maximized to prevent this e�ect. Fortunately,
the torsional vibration periods of `H'-shaped towers are large and their associated
spectral acceleration is reduced29. Notwithstanding, this torsional e�ect of the tower
in shear links should be studied in models with short spans.

According to AISC seismic provisions [AISC 2005], the ultimate plastic rotation
angle in the link (γpSL) should be at least 0.08 rad, where γpSL ≈ upZ/eSL and upZ
is the relative vertical plastic displacement between link ends. This requirement
is not automatically ensured by following the design procedure described above,
instead it should be veri�ed by means of detailed FEM and laboratory tests due to
the importance of shear links in the structural response. Furthermore, the reaction
of the deck against the towers may introduce signi�cant tension in the link at the
lower strut; the interaction between axial loads, bending moments and shear forces
di�erentiates the implementation of shear links in cable-supported bridges (either
cable-stayed or suspension ones) from the rest of structures, and therefore thorough
studies should be conducted to address this challenging design.

With this in mind, a 3D FEM of the shear link located in the lower strut has been
developed in order to verify if its ultimate plastic rotation is compliant with AISC
provisions, considering buckling instability and material nonlinearities. The piece is
encastred at both ends, but a vertical displacement uZ is imposed on the right side.
Two hypotheses have been considered; (i) zero axial load; and (ii) the maximum
reaction of the deck, recorded for bridges with `H'-shaped towers and LP = 600

m on soft soil, is applied entirely in the shear link introducing tension (≈ 50 MN,
�gure 7.15). Imposing compression in the shear link, instead of tension, may be
worst due to possible buckling phenomena, however the real transverse connection
between the deck and the tower never introduces compressions in the strut (section
3.2.3). Figure 9.16 presents the Von Mises stress distribution when the ultimate30

plastic rotation is achieved; γpSL = 0.094 > 0.08 rad (which is not in�uenced by the
e�ect of the axial load). The ultimate rotation of the shear links located in the
other struts is also above the limit in light of analogous 3D FEM analysis; in the
link located in the intermediate strut γpSL = 0.081 > 0.08 rad, whereas the device
in the upper strut presents γpSL = 0.085 > 0.08 rad (both results obtained without
imposing axial load, expecting similar values by including this e�ect).

29The �rst torsional mode in H-LCP model with LP = 600 m is the seventh mode; T7 = 2.22 s,
with a spectral acceleration about 0.6 g in the horizontal design spectrum presented in �gure 5.1
(soft soil), whereas high-order transverse modes, like the number 19 (T19 = 1.13 s and Sa ≈ 1.5

g), contribute more signi�cantly to the transverse response in models with large spans, as it was
proved in section 7.6, observing that torsion in these towers is not dominant.

30It has been assumed that the ultimate state occurs just before the maximum Von Mises stress
exceeds 510 MPa (ultimate stress of S-355 [EC3 2005]).
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S, Mises

+7.388e-20
+4.294e+07
+8.588e+07
+1.288e+08
+1.718e+08
+2.147e+08
+2.576e+08
+3.006e+08
+3.435e+08
+3.864e+08
+4.294e+08
+4.723e+08
+5.153e+08

Min: +7.388e-20

Max: +5.153e+08

Figure 9.16. Von Mises stress distribution [MPa] just after the ultimate plastic rotation

(deformed con�guration ×1). Buckling may be appreciated on the left end of the link, the

encastred one. 3D FEM of the shear link located in the lower strut. Dimensions included

in table 9.5. H-LCP model with LP = 600 m.

The e�ectiveness of full depth web vertical sti�eners preventing the buckling of
the webs has been observed by comparing the results of the model with and without
these elements.

The left part of �gure 9.17 shows the shear-displacement plot resulting from
monotonic tests with and without normal load in 3D FEM, verifying the negligible
interaction between axial and shear forces; by including the extreme reaction of the
deck introducing tension in the link, the shear strength is slightly reduced around
the �rst yield, but both the elastic and inelastic shear responses are una�ected
by the axial load. Therefore, the shear link model may be reasonably decoupled
in two di�erent e�ects; the shear behaviour is simulated by means of a nonlinear
spring describing the monotonic response included in �gure 9.17 (left), whereas the
axial sti�ness is represented through a linear elastic31 spring with sti�ness equal to
KN = EsAt,SL/eSL (where At,SL is the total area of the shear link). The accurate
correspondence between the monotonic response obtained in 3D FEM (�gure 9.17
(left)) and the theoretic values has been appreciated; the shear sti�ness of the link is
well predicted by Ks = GsAs (where Gs is the tangent modulus of the steel) whilst
yielding starts at Vel,SL, as intended. The shear link model is thus accomplished
with two decoupled springs, represented schematically in the right part of �gure
9.17, avoiding the cumbersome 3D FEM in the seismic analysis of the structure.
Bending is not considered in the shear link due to its reduced length (eSL < 1.6Ms/Vs
[IBC 2006] [AISC 2005]); shear is the governing action as intended.

31It has been veri�ed that the axial load recorded in these horizontal springs during any proposed
earthquake, does not exceed the force marking the elastic limit considering the axial load acting
alone Nel,SL = σyAt,SL.
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The ultimate shear force developed in the shear link after yielding is directly in-
�uenced by its overstrength, two sources may contribute to this e�ect [Yigitsoy 2010];
(i) the material overstrength Ry, if the actual yield strength is larger than the nomi-
nal one; and (ii) the strain hardening βp. Current AISC provisions suggest an overall
overstrength factor of 1.52 if steel class S-355 is employed, nonetheless this value
is oriented to building applications and is nowadays under judgment, in this study,
the nominal characteristics of the materials are considered, whereas the hardening
exhibited is obtained from the 3D FEM result in �gure 9.17 (left), due to the lack
of speci�c laboratory tests; βp ≈ 0.01Ks.

Shear spring
(nonlinear)

Axial spring
(linear)

Ks

Kn

Figure 9.17.Macroscopic representation of shear link response; (left) monotonic test in

3D FEM of the shear link in the lower strut (dimensions in table 9.5) with and without

constant axial load N (tension); (right) simpli�ed shear link model by means of springs.

Before delving into the seismic results obtained with the aforementioned mod-
elling, the 3D FEM is subjected to the loading protocol suggested by AISC in order
to gain some light on the cyclic response and possible failures due to undesirable lo-
calization of plastic deformation. Figure 9.18 includes the results, loading up to the
required ultimate plastic rotation, 0.08 rad. The stability of the cyclic behaviour is
observed well beyond the linear range, proving the adequacy of the proposed design,
testing would be however required in real projects.

9.4.3.2 Results

The extreme seismic demand of deformation along the height of the tower with shear
links, or without any seismic device, is depicted in �gure 9.19. At a glance, the results
are not very exciting, however, it should be noticed that the studied model, with
LP = 600 m is damaged by the earthquake mainly in the struts (at the connections
with the legs) if no devices are equipped (chapter 8), in fact, the legs remain nearly
elastic with and without shear links. Major di�erences between controlled and
uncontrolled responses are thus located in the struts, but the comparison is not
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Figure 9.18. AISC cyclic test in 3D FEM up to ultimate rotation (γpSL ≈ u
p
Z/eSL = 0.08),

without axial load. Shear link in the lower strut. Dimensions in table 9.5.

meaningful since the sections are modi�ed (�gure 9.15), being the behaviour of
these transverse elements completely elastic if shear links are included.

Figure 9.19. Extreme averaged total normal deformation (εtot) recorded along the tower

height without seismic devices or with shear links in the transverse struts. H-LCP model

with LP = 600 m and θZZ �xed. Soil TD. Tower model. Sign `+' tension; `-' compression.

The most appropriate way to study the bene�ts of shear links is through the
energy balance; �gure 9.20(a) illustrates the evolution of the external work and the
plastic dissipation in the tower (excluding the seismic devices if installed) during one
of the studied accelerograms. The energy dissipated by the tower is null when shear
links are incorporated following the proposed design; all the plastic strain energy is
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dissipated by these elements, as it may be observed by comparing the value of this
energy source in the model without shear links (�gure 9.20(a)) and the total plastic
energy developed in the three links together (�gure 9.20(b)), which is almost iden-
tical32. Valuable information is presented in �gure 9.20(b), where the total energy
of the links is disaggregated in each device; although all three elements contribute
appreciably to the total energy dissipation and they start yielding approximately at
the same instant (which characterizes an e�ective design), the link located in the
intermediate strut dissipates more energy than the others, which was also observed
in the intermediate shear links connecting the shafts of the tower in the new cable-
stayed bridge in Oakland (USA) (section 2.4.2.1); both the dimensions of the shear
link (larger in the intermediate device) and its rotation demand a�ect directly to
the plastic dissipation, which may explain this result. The link in the upper strut
dissipates more energy than the one in the lower strut, since the displacements in
the top part of the tower are maximized. These results have been observed in all
the studied records.

(a) External work and plastic energy dissipated
by the tower (excluding the shear links)

(b) Plastic energy dissipated by each one of the
shear links, besides the aggregated result

Figure 9.20. Evolution of di�erent components of the energy balance during the earth-

quake with shear links or without seismic devices. H-LCP model with LP = 600 m and

θZZ �xed. Soil TD. Tower model. Accelerogram No. 1.

The extreme transverse displacement due to the earthquake at the top of the
tower is typically increased by incorporating shear links, about 10 %, due to the
�exibilization of the structure when the links yield; in that moment the tower almost
behaves like two independent vertical shafts.

The maximum permanent vertical displacement recorded in the lower, interme-
diate and upper shear links are respectively 0.042, 0.111 and 0.141 meters. The
correction of this permanent displacement is clearly more complex in towers with

32The small di�erences between the total plastic deformation dissipated in the shear links and
the plastic deformation dissipated by the tower in the original uncontrolled con�guration, are due
to variations in the work introduced by the seismic forces (EW ).
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shear links, in comparison with bridges incorporating seismic devices in the con-
nection between the tower and the deck. However, the observed displacements are
reduced and may be corrected with hydraulic jacks without interrupting the tra�c
after the earthquake.

Low-cycle fatigue in shear links

The same procedure described in the study about low-cycle fatigue in TADAS
has been conducted for shear links. The relationship between the relative displace-
ments (UZ) of the shear spring and the maximum normal deformation in the corre-
sponding link33 has been obtained by means of 3D FEM:

εupper = 85.71uZ (9.16a)

εinterm = 36.08uZ (9.16b)

εlower = 28.85uZ (9.16c)

Where ε∗ is the peak normal deformation of the corresponding shear link (in %),
and uZ is the vertical relative displacement between its ends (in meters).

Table 9.6 summarizes the averaged results; the higher the position of the shear
link, the greater low-cycle fatigue risk. Despite all the links satisfy the fatigue
veri�cation, the one located in the upper strut is very close to the failure, and
due to the uncertainties associated with the duration of the record or the fatigue
parameters of the material, among others, a larger value of the link length (eSL)
would be advisable for this device, obtained for example with eSL = 1.6Ms/Vs = 1.85

m (which still meets the condition for `short' shear links [IBC 2006]).

Strut ∆ε/2 Rpm

Upper 10.71 0.98
Intermediate 2.76 0.093

Lower 1.37 0.023

Table 9.6. Low-cycle fatigue results in shear links, including the extreme total strain ampli-

tude ∆ε/2 [%] and the Palmgren-Miner ratio of accumulated damage Rpm. H-LCP model

with LP = 600 m and θZZ �xed. Soil TD. Tower model.

9.4.4 Buckling-Restrained Braces: BRB

Buckling-Restrained Braces (BRB) present stable axial hysteretic response if prop-
erly designed and are widely used in building structures (where they are located
concentrically34) due to their simplicity and economy (section 2.4.2.1). The imple-
mentation of BRB in the tower seems to be less aggressive than shear links; the

33In light of the 3D FEM results for each shear link, the maximum normal deformation ε (or
stress) is typically recorded close to the link ends (see for example �gure 9.16).

34Both braces meet at the same point in BRB, thus avoiding the characteristic eccentricity in
Eccentrically Braced Frames (EBF).
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braces are pinned at both member ends and there is no need to divide any member
of the main structure, thus avoiding complications in the design (e.g. the de�nition
of reinforcement details, connections, etc.).

Two possibilities have been explored in `H'-shaped towers; installing the BRB
between the intermediate and upper struts or below the lower strut35, as it is graph-
ically represented in �gure 9.21.

Figure 9.21. Schematic representation of BRB con�gurations explored in `H'-shaped tow-

ers.

The magni�cation factor (section 2.4.2.2) of BRB depends on the angle between
the braces forming the chevron con�guration and the horizontal line; fm = cos θ

(see �gure 9.21).
The steel considered in the core is B-500 SD, described in section 3.3. Once

the maximum allowable axial load in BRB is obtained from the pushover analysis,
expression (9.3) (properly modi�ed) is applied to calculate the maximum admissible
load (Ny,BRB), and the section of the metallic core of the BRB is:

ABRB =
Ny,BRB

σy
(9.17)

The results showed that BRB never exceed the linear elastic range, being inef-
�cient in the seismic control of the bridge with both con�gurations illustrated in
�gure 9.21. The great sti�ness of the concrete frame which forms the tower, to-
gether with the reduced magni�cation factor fm due to the slope of the braces, are
probably the reasons behind this result (specially true in large towers). Even if the

35If BRB are located below the lower strut, the meeting point is de�ned in this element to avoid
larger foundations and to provide space below the bridge.
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design criteria is relaxed, and the force starting the yielding is reduced by more than
50 % from the pushover results, only a slight amount of energy is dissipated, below
10 % of the total plastic energy developed in the tower.

The responses obtained with and without these braces are nearly coincident, and
the di�erences are explained taking into account that BRB increase the transverse
sti�ness of the tower; therefore, it is not worth going further with these seismic
devices, but for completeness, the results of the dissipation factor obtained with
BRB located in the upper position (�gure 9.21 (left)) are included in section 9.6.

9.5 Viscous �uid Dampers: VD

Finally, the response of di�erent towers with Viscous �uid Dampers (VD) connecting
the tower and the deck in the transverse direction is addressed. A state-of-the-
art review about these devices and their implementation in structures have been
included in section 2.4.2.2.

Inspired by the solution adopted in Rion-Antirion cable-stayed bridge (Greece,
appendix A), two viscous dampers link the central part of the deck with both lower
strut ends, which is an e�cient con�guration for the prevention of damage in the
strut, as it was veri�ed in table 9.2 (solution `L-2Pt'). A fuse restrainer which fails
if the load exceeds the peak reaction due to transverse wind is included in order to
prevent the dissipation of dampers under moderate dynamic actions. Figure 9.22
presents schematically the adopted con�guration.

= 25B
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Figure 9.22. Location of viscous dampers in models with lateral cable-system (LCP).

The magni�cation factor of viscous dampers connecting the deck and the lower
strut is diagonal (in-line); the angle θ between the damper and the horizontal line
(θ in �gure 9.22) is very small due to the reduced distance between the deck and
the lower strut, therefore the magni�cation factor is fm = cos θ ≈ 1.

9.5.1 Design and optimization basis

The interaction between the structural engineer involved in the project of the bridge
and the design of the viscous damper to be employed is reduced. There are several
proprietary designs, being their mechanical properties ensured if the temperature
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is maintained within certain limits. However, from the macroscopic point of view,
several constitutive properties may be speci�ed taking into account the requirements
of the structure and the seismic action, which arise from the expression relating the
damper reaction force (Fd) and its relative velocity ẋ:

Fd = Cd |ẋ|αd sign (ẋ) (9.18)

Where Cd is the damping coe�cient, ẋ the relative velocity and αd the velocity
exponent that ranges from 0.15 to 2.

Both Cd and αd should be optimized for each speci�c structure. In order to limit
the study, the damping coe�cient is assumed constant in all the proposed models,
regardless of the main span and the tower shape; the value adopted in Rion-Antirion
bridge has been considered here, Cd = 3000 kN/(m/s)αd . Several works address the
e�ect of the nonlinear exponent (αd) on the global response (section 2.4.2.2), since
this parameter controls the nonlinearity of the dampers; section 9.5.2 is devoted to
the optimization of αd in the proposed cable-stayed bridges.

An interesting exercise was proposed by Villaverde to explore the advantages of
reducing the exponent αd; let us consider a �uid damper governed by expression
9.18 and subjected to a sinusoidal excitation;

x = x0 sin (ω0t) (9.19)

x being the relative damper displacement, and respectively x0 and ω0 = 2π/T

the amplitude and frequency of the sinusoidal motion (T is the period).
Substituting expression (9.19) in (9.18), and considering the energy dissipated

by the viscous damper (viscous energy) in one cycle of the excitation (with equation
(8.4b) extended to nonlinear dampers), yields:

EV =

∫ T

0
Fdẋ dt =

∫ T

0
Cd |ẋ|αd sign (ẋ) ẋ dt (9.20)

And the integration leads to:

EV = 4 (2αd)
Γ2
(

1 +
αd
2

)
Γ (2 + αd)

Cdω
αd
0 x1+αd

0 (9.21)

Where Γ(·) is the gamma function36. Taking into account the maximum reac-
tion developed in the damper governed by expression (9.18) under such sinusoidal
movement; Fd,max = Cdω

αd
0 xαd

0 , and substituting in eq. (9.21):

EV = 4 (2αd)
Γ2
(

1 +
αd
2

)
Γ (2 + αd)︸ ︷︷ ︸
f(αd)

x0Fd,max (9.22)

36If the real part of a complex number z is positive (Re(z)>0), then Γ(z) =
∫∞
0
tz−1e−t dt.
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Figure 9.23 plots the term which depends on αd in expression (9.22) versus this
value, observing that the dissipated energy and thus the e�ectiveness of the damper
is increased by reducing the exponent αd in a SDOF under sinusoidal excitation. In
this case, the damper dissipates 31 % more energy with αd = 0.5 than considering
αd = 2.

Figure 9.23. Theoretical evolution of the factor proportional to the energy dissipated by

VD in terms of the velocity exponent. SDOF system under sinusoidal excitation.

On the other hand, most of the viscous dampers installed in cable-stayed bridges
include a pressure control system to provide the device with an extreme value of
its reaction (Fd,max), limiting this way the damage in the structural elements which
receive this force (e.g. Rion-Antirion, Sutong, etc.). The transverse force applied
in deck-tower connection initiating the nonlinear response of the tower (FY,crack)
should be above the maximum aggregated reaction of all the dampers (the hori-
zontal projection). Analogously to the procedure described when designing TADAS
between the deck and the tower (section 9.4.2), the extreme force of the viscous
damper is obtained from table37 9.1, reducing its values by means of the security
factors suggested by Priestley in expression (9.3):

Fd,max =
0.85 · 0.9 · FY,crack

NVD cos θ
≈ 0.85 · 0.9 · FY,crack

NVD
(9.23)

Where NVD is the number of dampers between the deck and the tower, in this
case NVD = 2. Due to the device con�guration cos θ ≈ 1.

Figure 9.24 presents the damper constitutive response with di�erent αd (and
Cd = 3000 kN/(m/s)αd) besides the limitation of the maximum reaction in `H'-
shaped towers with LP = 200 m, obtained from expression (9.23) and table 9.1.
Models with large maximum allowable forces Fd,max, or very reduced velocity ex-
ponents αd, require important velocities to start the pressure control (for instance,
by considering two VD and αd ≤ 0.3, only the towers with lower diamond and

37Strictly speaking, FY,crack results from pushover substituting the dampers by rigid links, but
the solutions could be considered identical as those obtained in table 9.1, where the deck-tower
connection represents the large elastic sti�ness of TADAS.
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LP = 200 m may require this control due to the reduced force which cause extensive
cracking, however, if the main span is above 400 m, only large values of the velocity
exponent may require limits for the maximum reaction38). On the other hand, the
mechanical components of the damper are not prepared to resist forces or heat over
a certain threshold, which also leads to the limitation of the maximum force and
may be required to increase the number of damper units (NVD). Regardless of these
comments, the limitation of the maximum force has been considered in all the cases
according to expression (9.23) and two dampers have been equipped (NVD = 2).
By considering reduced values of αd, one of the bene�ts may be observed in �gure
9.24, since a wide range of velocities cause similar reactions in the damper.

Figure 9.24. Force-velocity constitutive response of viscous dampers with di�erent velocity

exponents αd (maintaining Cd = 3000 kN/(m/s)αd), some of them employed in this work.

The maximum allowable force is included (Fd,max, expression (9.23)), corresponding with

H-LCP model and 200 m main span (θZZ �xed) on soft soil.

As it has been previously introduced, the fuse restrainer is designed to prevent
the relative movement of viscous dampers when the structure is subjected to mod-
erate dynamic actions, like wind or earthquakes with reduced intensity, but failing
under strong ground motions. With this objective in mind, a connector element
[Abaqus 2010] is de�ned between the deck and one leg of the tower (see �gure 9.22),
which fails completely when the reaction of the deck is 10 % larger than the extreme

38Limiting the maximum force of the damper is a key factor in STU devices (bu�ers), i.e. αd = 2,
because this force grows rapidly with the velocity. One example of this control of the maximum
reaction releasing pressure may be found in section A.3, where the vain-type dampers (αd = 2) of
Tsurumi Fairway bridge (Japan) are detailed.
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force due to the wind (included in table 9.1). Once failure is achieved, the connector
is removed from the analysis. Prior to the failure, the fuse restrainer behaves in a
completely linear and elastic manner; the sti�ness of this element, which should be
large enough to prevent relative movements of the dampers, depends on the load
which cause the failure and is interpolated here from the laboratory test data in
fuse restrainers of Rion-Antirion bridge conducted by Infanti et al [Infanti 2004],
obtaining eq. (9.24b);

Ffuse =
1.1FY,wind

cos θ
≈ 1.1FY,wind (9.24a)

Kfuse = 333.34Ffuse =
(333.34 · 1.1)FY,wind

cos θ
≈ 366.67FY,wind (9.24b)

Where Ffuse and Kfuse are respectively the failure load and the sti�ness of the
fuse restrainer.

It should be noticed, however, that the e�ect of the fuse restrainer in the seismic
response of the bridges is moderate, since it fails at the beginning of the earthquake
(typically around t = 4 s in the records considered here), when the external work
introduced by the ground motion is still moderate.

Damper behaviour and macroscopic modelling

The system of dynamics (9.1), and the speci�c way it is presented in a structure with
added viscous dampers, is considered here. According to the constitutive damper
behaviour included in equation (9.18), the reaction introduced by the j-damper
(forming an angle θj with the horizontal line which should be considered when the
relative movements are obtained, �gure 9.3) only has viscous component, being zero
the spring contribution (Fkj = 0), hence;

Fj(t) = Fdj(t) = Cdj |[ẋj(t)− ẋj−1(t)] cos θj |αdj sign [ẋj(t)− ẋj−1(t)] (9.25)

Where Cdj and αdj are respectively the damping constant and velocity exponent
which characterize the j-damper. Therefore, in a structure with diagonal damper
con�guration like the one presented in �gure 9.3, the reaction forces added by these
devices, Fa (t) (expression (9.2b)), are39:

Fa (t) =


Cd1 |ẋ1(t)|αd1 [cos θ1](αd1+1) sign [ẋ1(t)]

Cd2 |ẋ2(t)− ẋ1(t)|αd2 [cos θ2](αd2+1) sign [ẋ2(t)− ẋ1(t)]
...

CdN |ẋN (t)− ẋN−1(t)|αdN [cos θN ](αdN+1) sign [ẋN (t)− ẋN−1(t)]


(9.26)

39In expression (9.26) it is tacitly accepted that the �rst damper links the �rst degree of freedom
to the ground, according to �gure 9.3.
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9.5.2 Optimization of the velocity exponent; αd

The �rst step of the analysis has been the optimization of the velocity exponent αd,
which de�nes the nonlinearity of the dampers. The optimum exponent is proposed
as the one which minimizes the dissipation factor Ω de�ned in chapter 8 (expression
(8.11)), or in other words, the best value of αd yields the most reduced amount of
energy dissipated by plasticity in the tower (ESd), which is instead transformed into
viscous energy through the dampers.

The deck in bridges with long main spans (say larger than 400 m) is �exible
enough (in comparison with the towers) to ensure the best performance with reduced
exponents [Infanti 2004] [Valdebenito 2009]. Models with LP ≥ 400 m, according
to the solution adopted in Rion-Antirion bridge (LP = 560 m), employ αd = 0.15.

However, the decision about the velocity exponent in cable-stayed bridges with
reduced spans (LP = 200 m) is more questionable; speci�c dynamic e�ects associ-
ated with the coupling between the deck and the towers in the �rst transverse mode
have been observed in section 7.6, leading to the increment of the tributary deck
mass a�ecting the transverse response of the towers (tables J.1 and J.2). Viscous
dampers have been de�ned with the criteria included in section 9.5.1 above, and the
explored values of the velocity exponent cover a wide range of project possibilities.
Figure 9.25 depicts the dissipation factor obtained with di�erent velocity exponents
in the towers of cable-stayed bridges with LP = 200 m. Despite the in�uence of this
parameter is not dramatic, which may be explained (for the studied cable-stayed
bridges with moderate spans) by the important contribution of vibration periods in
the velocity-sensitive region of the spectrum [Lin 2002] [Valdebenito 2009], it has
been observed that very reduced exponents may be detrimental for the seismic re-
sponse of the towers. The optimized values for models with 200 m main span are;
αd = 0.3 in `H'-shaped towers; and αd = 0.75 in `Y' towers with lower diamond
and central cable-system, which have been employed hereinafter for these models
(with LP = 200 m). The results obtained for `Y'-shaped towers with lower dia-
mond should be quoted as a result of the strong rigid body rotation, favoured by
the damage in the lower diamond due to an inappropriate design (section 8.6).

Results

Figures 9.26 and 9.27 illustrate the extreme deformation along the height of the
tower in the studied models with di�erent spans, comparing the solution obtained
by including viscous dampers (VD) and the response without devices40, besides
the deformations observed by installing yielding dampers in the same con�guration
(TADAS, section 9.4.2) to provide the reader with a reference. The seismic demand
is e�ectively controlled by means of VD in models with LP = 200 m; reductions up
to 65 % in cracking levels have been recorded in `H'-shaped towers with VD (whereas
TADAS only achieved 35 % in the same model), preventing yielding of the longi-

40Without seismic devices, the original sti� transverse connection between the deck and the
towers is considered.
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Figure 9.25. Dissipation factor in terms of the damper velocity exponent employed, and

optimum values (αd,opt). Models with LP = 200 m. Soft soil (TD). Tower model.

tudinal rebars even at the foundations (�gure 9.26(a)); the seismic demand is also
reduced (both in tension and compression) in `Y'-shaped towers with lower diamond
and moderate spans, up to 70 %, observing a remarkable decrease in the deformation
of the vertical pier (where TADAS are not very e�ective, �gure 9.27(a)), however,
structural problems are not completely avoided and cracking is still inadmissible at
both ends of the lower legs below the deck41.

On the other hand, the e�ectiveness of viscous dampers connected to the deck in
the seismic control of the tower is also compromised if the main span of the bridge is
increased, due to the reduction of the deck tributary mass (compare �gures 9.26(a)
and 9.26(b)), nevertheless, viscous dampers improve the response of `Y' towers with
lower diamond and 400 m main span in comparison with TADAS solution, specially
above the deck (�gure 9.27(b)).

The load-displacement response of one of the viscous damper units in the `Y'-
shaped tower with lower diamond and LP = 200 m is included in �gure 9.28, ob-
serving the typical behaviour of dashpot elements under seismic excitations. The
maximum allowable force in the damper (obtained with expression (9.23)), besides
the load in this unit which would be associated with the fuse failure (Ffuse/2, expres-
sion 9.24a), are included in the plot; the control of the pressure is not required since
the maximum damper force (Fd,max) is not achieved; the fuse failure is observed.

Figure 9.29 compares the extreme transverse relative displacements along the
height of di�erent towers during the earthquake. The detrimental e�ect of large

41In this case TADAS is more e�ective but presents low-cycle fatigue problems.
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(a) LP = 200 m (b) LP = 400 m

Figure 9.26. Extreme averaged total normal deformation (εtot) recorded along the tower

height without seismic devices or including viscous dampers (VD) between the deck and

the tower (the response with TADAS is included as a reference). H-LCP model with two

main spans. θZZ �xed. Soil TD. Tower model. Sign `+' tension; `-' compression.

(a) LP = 200 m (b) LP = 400 m

Figure 9.27. Extreme averaged total normal deformation (εtot) recorded along the tower

height without seismic devices or including viscous dampers (VD) between the deck and

the tower (the response with TADAS is included as a reference). YD-CCP model with two

main spans. θZZ free. Soil TD. Tower model. Sign `+' tension; `-' compression.

main spans in the control of the towers with viscous dampers connecting the deck is
once again veri�ed. By comparing these results with the ones obtained in TADAS
con�guration (�gure 9.13), more e�ective control of the displacements may be no-
ticed in models with 200 m main span. The e�ective control of viscous dampers
is observed again in the model with lower diamond and 400 m main span, unlike
selecting TADAS in the same model and position.

The required damper stroke due to the earthquake is always below ±200 mm
and the maximum axial load in the units is below 2 MN (for all the studied bridges),
which is admissible in accordance with conventional proprietary damper characteris-
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Figure 9.28. Load-displacement response of a viscous damper (one single unit) between the

deck and the tower. YD-CCP model with LP = 200 m and θZZ free. Soil TD. Accelerogram

No. 3. Tower model.

Figure 9.29. Extreme averaged relative transverse displacements recorded along the tower

height without seismic devices or including viscous dampers (VD) between the deck and

the tower, considering di�erent main spans. Soil TD. Tower model.
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tics42 (the maximum allowable stroke in devices installed on Rion-Antirion towers43

is ±1750 mm and the maximum reaction capacity is 3.5 MN).

The thermal dissipation capacity is, in principle, not of a concern due to the
short duration of the proposed earthquakes44 (20 s), the same could be stated about
the possibility of fatigue in the metallic mechanisms forming the device (in fact
typical viscous dampers are designed to resist more than 108 cycles in a lifespan of
50 years).

9.6 Comparison between di�erent strategies

Finally, the seismic control strategies explored in this chapter are compared by
means of the energy balance recorded with and without seismic devices. In order to
accomplish this task, an e�ciency factor (ef ) is de�ned as the percentage of reduc-
tion in the dissipation factor Ω (expression (8.11)) obtained when seismic devices
are installed in the structure:

ef =
Ω0 − Ω1

Ω0
100 (9.27)

Where Ω0 and Ω1 are respectively the dissipation factors obtained without seis-
mic devices or including any kind of auxiliary control system. The dissipation factor
of controlled models is obtained by considering the plastic energy of the tower ex-
cluding the seismic device (section 8.5). Therefore, the e�ciency factor represents a
simple way to assess the reduction in the damage of the towers when seismic devices
are installed.

Table 9.7 summarizes the e�ciency factor for all the studied strategies and,
therefore, it is an appropriate result to close the chapter. In this table; viscous
damper results are obtained with the optimized velocity exponents in the models
with LP = 200 m, whereas the rest of the cases consider αd = 0.15 (section 9.5.2);
BRB brace the space between the intermediate and upper struts. On the other hand,
the e�ciency factor is not applicable in `Y' towers with lower diamond and 600 m
main span, since the dissipation factor is virtually zero without seismic devices (see
�gure 8.12).

The following observations may be remarked from the results of this table, some
of them already discussed; (i) seismic devices connected between the deck and the
tower (either yielding or viscous dampers) are e�cient if the main span is 200 m,
nonetheless, if this value is equal or larger than 400 m, the performance of these
devices in the control of the tower is typically poor, due to the moderate tributary
mass of the deck in comparison with the large mass of the tower itself, being sug-
gested control strategies distributed along the tower and based on building practice,

42Alga and Maurer design guidelines have been consulted.
43Rion-Antirion devices have been manufactured by FIP industriale.
44The thermal dissipation and fatigue could be a problem for wind-vibration mitigation.
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ignoring the deck45; (ii) in this direction, Shear Links completely prevent the damage
in the main structure46 (maximizing their performance), which encourages their use
where yielding (TADAS) or viscous dampers (VD) in the the deck are not e�cient;
(iii) viscous dampers are generally more e�cient than yielding devices in deck-tower
connections, in fact, `Y' towers with lower diamond and LP = 400 m may be prop-
erly controlled with these devices, which is the solution adopted in Rion-Antirion
bridge (where the towers are similar to inverted `Y' with lower diamond and the
main span is LP = 560 m, see section A.1); (iv) the structural problems observed in
the model with lower diamond and moderate span (LP = 200 m) are corrected with
yielding dampers between the tower and the deck, presenting large e�ciency, but
failure due to low-cycle fatigue has been veri�ed; (v) despite Buckling-Restrained
Braces (BRB) remain nearly elastic during the earthquake, they increase the trans-
verse sti�ness and it results in moderate e�ciency factors, however this approach is
not recommended in cable-stayed bridges with sti� towers.

Strategy
H-LCP YD-CCP

LP = 200 m 400 m 600 m 200 m 400 m 600 m

TADAS 38.11 -5.02 1.13 99.87∗ 59.17 n/a
SL x x 100 x x n/a
BRB 15.17 24.91 9.87 x x n/a
VD 77.42 28.89 29.96 30.97 73.87 n/a

Table 9.7. E�ciency factor (percentage), ef , associated with the proposed seismic devices.

Soft soil (TD). Tower model. (x) not calculated; (n/a) not applicable; (∗) low-cycle fatigue

failure.

9.7 Conclusions

Di�erent passive control strategies based on classical concepts of earthquake engi-
neering have been applied to the towers of several cable-stayed bridges in order to
avoid the undesirable damage observed in the preceding chapter, considering only
the transverse component of the earthquake. The following principal conclusions
are extracted from the body of the chapter:

• The mass of the deck a�ecting the transverse seismic response of the tower
has been studied in order to de�ne a 2D model able to represent accurately
the transverse response of the full bridge (appendix J). If the main span is
increased, above 300 m, the percentage of the deck length a�ecting the tower

45Valdebenito [Valdebenito 2009] stated that seismic devices between the deck and the towers in
transverse direction are ine�cient, but the results obtained in this chapter clearly show that this
is not always true, being their performance actually related to the tributary mass of the deck in
the transverse response of the towers.

46The results obtained with shear links support the conclusions of Ali and Gha�ar [Ali 1991].
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is reduced, which is closely related to the e�ciency of seismic devices between
both elements; this relevant result has been veri�ed for di�erent seismic devices
and is in agreement with the conclusions of Ali and Gha�ar [Ali 1991]. If
the connection between the deck and the abutments is released, disposing
for example an adequate con�guration of POT devices, strong increments
of the tributary deck mass are observed (up to 50 %), associated with the
enlargement of the reaction of the deck against the towers, which means that
this solution for the supports could enhance the e�ciency of seismic devices
located between the deck and the towers in models with moderate to medium
spans (between 200 and 400 m).

• Prior to the de�nition of the seismic devices, the maximum allowable force
in dampers located in deck-tower connections has been obtained by means
of pushover analysis, trying to prevent signi�cant cracking along the tower
(section 9.2). Nonlinear static analysis have been conducted, adopting several
connections between the deck and the tower, being recommendable to extend
the welding plate along the whole strut in yielding metallic dampers, or to
connect the viscous dampers directly to the strut ends, in order to prevent
cracking in this area under advanced loading stages (section 9.4.2).

• Yielding Metallic Dampers with triangular plates have been designed and the
seismic response in models with 200 m main span is clearly improved in com-
parison with the uncontrolled solution; the collapse is avoided in `Y'-shaped
towers with lower diamond, however, the seismic device in this case fails due
to low-cycle fatigue (section 9.4.2.1). Models with main span equal or larger
than 400 m are hardly a�ected by yielding metallic dampers between the deck
and the tower.

• In order to improve the transverse seismic control of `H'-shaped towers with
large spans (600 m), where signi�cant structural damage has been observed
besides the ine�ciency of dampers in deck-tower connections, Shear Links
have been de�ned in the central part of each strut, being cracking prevented
in these elements (section 9.4.3). A tubular section in the shear link has
been designed, exhibiting stable shear yielding beyond the loading stage which
would cause the damage in the legs of the towers (the length of the link was
de�ned to ensure that shear governs the response once the elastic range is
exceeded). Detailed 3D FEM have been developed in order to ensure the
minimum required rotation capacity and stable cyclic behaviour, verifying
also the appropriate response of the special link in the lower strut, where
the axial load due to the the reaction of the deck is signi�cantly larger than
the characteristic one in other structures. The independence between the
shear and axial behaviour of the links has been observed, which allows their
modelling in the bridge by means of two independent springs. The energy
dissipated by plasticity in the tower is null when shear links are incorporated in
the studied case, being this plastic energy entirely absorbed by them, specially
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the one located in the intermediate strut.

• Viscous �uid Dampers have been also explored as a possible solution for the
seismic control of cable-stayed bridges, adopting a con�guration inspired by
Rion-Antirion bridge (section 9.5); two viscous dampers and one fuse restrainer
are de�ned to meet the maximum allowable force and the minimum required
seismic action to start the dissipation. Despite the engineer has a moderate
in�uence in dampers architecture, the velocity exponent αd may be modi�ed
by means of special ori�ces; speci�c studies in models with 200 m main span
have demonstrated that very reduced velocity exponents could be detrimen-
tal for the global seismic response. The results obtained with the optimized
exponents show e�ective reduction of the seismic demand along the towers in
models with 200 and 400 m main span, but again not with 600 m.

• All the considered strategies have been compared through the way the energy
balance is modi�ed when they are incorporated in the structure, speci�cally, by
contrasting the reduction of the energy dissipated through plastic strain in the
concrete sections of the tower. The e�ciency of devices between the deck and
the tower is clearly reduced with the percentage of the deck a�ecting the tower;
this location is appropriate if the model has a main span below 400 m, but is
questionable to control the tower in larger models (it may be used to improve
the response of the deck) because the contributing mass of the deck is negligible
in comparison with the mass of the tower itself. Models with main spans over
400 m and signi�cant inelastic seismic demand (e.g. `H'-shaped towers due
to the increased number of strut-legs connection) are good candidates to be
controlled by means of shear links in the struts. The improved response of
models with viscous dampers in comparison with yielding metallic dampers
is generally observed, particularly, the closest model to Rion-Antirion towers
is e�ciently controlled with viscous dampers even for large main spans (400
m, section 9.6). Buckling-Restrained Braces are not e�cient in the control of
such sti� towers.

• The best way to protect any structure is to design properly their proportions;
in this direction, `Y'-shaped towers with lower diamond and 200 m main span
should be de�ned according to the recommendations suggested in the previous
chapter.







Chapter 10

Conclusions and further studies

The seismic behaviour of a large number of cable-stayed bridges has been analyzed in
this thesis by means of rigorous and thoroughly validated Finite Element Models and
analysis procedures. The main objective of this research was three-fold; to compare
the existing seismic analysis procedures and to contribute with new proposals; to
observe the in�uence of di�erent project variables on the linear and nonlinear seismic
response of cable-stayed bridges, among them, the e�ect of the main span, tower-
shape, cable arrangement, soil class and boundary conditions; and �nally, to explore
di�erent control strategies by means of seismic devices in order to avoid undesirable
performance of the tower, focusing the attention on passive systems composed of
yielding metallic or viscous �uid dampers.

The organization of the content follows a natural progression, achieving the pro-
posed objectives; once the state of knowledge was presented, the studied structures
were detailed, and the basic adopted hypothesis and simpli�cations were clearly
set out, followed by information about the modal analysis and the seismic action
considered. So far, the work was focused on establishing a clear framework where
the thesis is developed; the work continued its course by comparing the solutions
obtained with the main analysis procedures available to date, both linear and non-
linear, both static and dynamic, obtaining the most adequate tools for our purpose
in each situation and proposing new pushover methodologies conceived to be used
in general three-axially excited structures; the next step was to apply the acquired
knowledge, employing the analysis results to identify potential hazards in the three
dimensional seismic response of thirty �ve cable-stayed bridge models, �rst in the
linear elastic range, and afterwards including material nonlinearities in a reduced set
of representative structures; the work ends by exploring several proposals to avoid
the observed damage of the towers by the installation of seismic devices with dif-
ferent con�gurations, due to the large computational cost involved in the analysis,
only six cable-stayed models were selected as the most meaningful examples in light
of the experience gained previously, analyzing the transverse response of the tower
exclusively. The study starts with great generality, dealing with a large number of
models and hypotheses, however, it is increasingly focused on a reduced number of
key structures as the work progresses.

The main conclusions extracted from the body of this thesis are presented next,
according to the organization of chapters. The proposal of several lines to continue
the research closes the work.
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10.1 Conclusions

Regarding the state of the art review

1. The great �exibility, reduced damping and strong modal couplings of cable-
stayed bridges characterize their dynamic response, and have caused certain
concern about their seismic behaviour due to the paramount importance of
these structures in transport networks, despite failures have not been reported
in past earthquakes. The contribution of Abdel-Gha�ar since early 90's have
promoted important research works on the topic, focused mainly on the cable-
structure interaction, the nonlinear response, the spatial variability of the
seismic action, the in�uence of the connections between the deck and the abut-
ments or towers, the soil-structure interaction and, recently, on the response
of cable-stayed bridges with multiple spans or with curved decks. However,
an important lack of research focused on the seismic response of the towers
(key elements for the structural integrity) has been found, which motivates
the subsequent parametric study conducted in this thesis. Despite primar-
ily intended for aerodynamic applications, the incorporation of passive and
specially semi-active or active dissipation systems in order to control the seis-
mic behaviour of the structure have been recently the subject of numerous
publications. A lack of regulations and normative support about cable-stayed
bridges, specially with seismic devices, has been observed.

2. In light of the solutions adopted in major cable-stayed bridges located in seis-
mic areas, it could be said that the current trend in the seismic design of these
structures commitment to dissipate or re�ect the seismic energy by means of
auxiliary seismic devices (mitigation system), instead of relying exclusively
on the ability of the towers to dissipate the energy through their own dam-
age (traditional capacity design). The mitigation design aims to maintain the
towers nearly in elastic range during major earthquakes, which is advisable
due to their importance, locating the damage in seismic devices (dampers or
isolating supports) much easier to repair than the large concrete sections of
the towers. A review of the available devices has been done, with special at-
tention on passive yielding metallic dampers and viscous �uid dampers due to
its widespread application in constructed structures.

3. The connection between the deck and the towers in cable-stayed bridges lo-
cated in high-prone seismic areas is close to the �oating solution, i.e. it releases
the deck from the tower, as long as it is possible, in order to reduce the seismic
forces at the expense of increasing the displacements. The solution adopted
in Rion-Antirion bridge (Greece) is employed in this work, relating the deck
and the towers only in transverse direction, hence minimizing their seismic
demand.
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Regarding the modelling and basic assumptions

1. A large number of cable-stayed bridges have been studied by means of �nite
element models, completely de�ned in terms of the main span, which ranges
from 200 to 600 meters at 100 m intervals. A speci�c work about the pro-
portions of a representative set of cable-stayed bridges already constructed
worldwide has been conducted to de�ne the dimensions of the towers, deck,
intermediate piers distributions, etc (appendix B). Five types of towers have
been considered; `H', inverted `Y' and `A', these last two cases with and with-
out lower diamond, whereas lateral or central cable arrangement was also
included. Furthermore, di�erent boundary conditions and subsoil categories
have been taken into account. In order to facilitate the study, a simpli�ed
and properly validated transverse deck-tower connection have been adopted
to avoid collisions between both elements.

2. The location of each longitudinal rebar have been detailed in each section
along the whole tower, in order to employ the �ber-section model instead of
describing moment-curvature properties, which are not able to capture ac-
curately the nonlinear biaxial bending and the e�ect of strong variations in
the seismic axial load, characteristic of cable-stayed bridges. Cracking and
compression softening in the concrete, besides yielding and cyclic plasticity
properties in the longitudinal rebars, have been taken into account following
relevant Eurocodes and research works. A speci�c study about mesh sensi-
tivity due to the localization phenomenon has been conducted by comparing
numerical and experimental results in laboratory tests (appendix C), con-
cluding that the optimum length of linear `beam'-type �nite elements in the
hollow-sections of the towers is equal to half the plastic hinge length given by
Priestley [Priestley 1996]. A good correlation between experimental investiga-
tions reported by other authors and the proposed �nite element models was
veri�ed, validating both the material models and the discretization employed.

3. One element per stay-cable has been employed, neglecting the cable-structure
interaction, which falls on the safe side in light of the comparison with models
including sixteen elements per stay. The section of each cable is established in
terms of the main span length, proposing a simpli�ed procedure which avoids
the classical iterations to de�ne its area and prestress (appendix B).

4. The same seismic action is imposed in all the supports, thus neglecting its
spatial variability. Speci�c studies about this e�ect have been conducted (ap-
pendix D), observing that forces associated with the longitudinal response of
the towers are the most sensitive ones to the loss of excitation synchronism
due to the constraint of the cable-system, specially if the main span ranges
from 300 to 500 m. Nevertheless, the maximum observed under-predictions
between synchronous or asynchronous analysis are below 20 %.
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Regarding the modal analysis

1. New expressions have been suggested in order to estimate the fundamental
vertical and transverse vibration frequencies in cable-stayed bridges, based
on modern structures with �oating deck-tower connection, and improving the
correlation with the observed principal transverse mode in comparison with
classical expressions. Furthermore, lateral and central cable arrangements are
distinguished in the expressions.

Regarding the seismic action

1. The three-dimensional design seismic action was taken from Eurocode 8 spec-
tra for soft (TD) and rocky soil (TA), associated with a representative value of
ground acceleration in seismic prone areas worldwide: ag = 0.5 g. Synthetic
far-�eld accelerograms have been obtained to match these reference spectra,
instead of natural records, due to their good �t to the spectra in the whole
contributing frequency range, something decisive to reduce the number of cal-
culations required to obtain reliable results; the seismic action is de�ned by
sets of twelve accelerograms in each direction in light of speci�c sensitivity
studies. Furthermore, synthetic accelerograms avoid the introduction of bias
in the results because of scaling and/or matching the natural records, and they
are the most straightforward seismic input for dynamic calculations when only
the elastic design spectrum is known. Opinions of several researchers to the
contrary of synthetic accelerograms have not been ignored; a thorough val-
idation of the employed arti�cial signals was carried out by comparing the
arti�cial records with predictions of empirical models based on natural earth-
quakes included in PEER-NGA database (appendix E).

2. Two contributions have been introduced in this work dealing the generation of
synthetic accelerograms (based on the algorithm proposed by Levy & Wilkin-
son [Levy 1975]); (i) including explicitly the dependence of damping with the
frequency in the generation of the signals, which is a key feature to impose
records with the desired spectrum in structures with Rayleigh damping; and
(ii) considering the matching of the design and arti�cial spectra particularized
exactly for the vibration frequencies of the structure in the elastic range, specif-
ically increasing the sample density close to the dominant vibration modes in
longitudinal, transverse and vertical directions.

Regarding the seismic analysis procedures

1. Analysis procedures based on direct or modal decomposition of the system of
dynamics have been compared in terms of the elastic seismic response, ob-
taining the following conclusions regardless of the type of foundation soil; (i)
when applied to cable-stayed bridges, the widespread spectrum analysis falls
on the unsafe side, with errors typically around 20 %, but considering con-
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comitant the extreme seismic forces in design veri�cations may balance these
under-prediction, on the other hand, the SRSS rule employed to combine the
extreme response in each direction may under-predict the total behaviour in
large cable-stayed bridges, above 500 m main span; (ii) the direct integra-
tion of the system of dynamics yields peak seismic responses approximately
equal to the ones obtained in modal dynamics, but its high computational
cost is discouraging if relevant nonlinearities are not expected, being in this
case recommended spectrum analysis for the design phase and modal dynam-
ics to validate the �nal solution; (iii) the number of vibration modes included
in procedures based on modal decomposition according to Eurocode 8 spec-
i�cations1 has been validated in cable-stayed bridges, nonetheless including
more frequencies, up to 35 Hz, is recommended if the transverse seismic re-
sponse of towers with lower diamond is required. Despite this exception, the
tower shape, cable-system arrangement and main span length are not very
in�uencing on the accuracy of analysis procedures in elastic domain.

2. The contribution of this thesis to advanced pushover analysis is three-fold; (i)
modal pushover analysis [Chopra 2002], broadly accepted in building struc-
tures, is adapted to three-directionally excited cable-stayed bridges; (ii) an
extension of this procedure (referred as EMPA) is suggested to fully consider
the three-dimensional e�ect of the vibration modes and the seismic excitation;
and (iii) a new procedure (named CNSP) is proposed in order to take into ac-
count the nonlinear coupling between the most contributing longitudinal and
transverse modes. The proposed methodologies are presented with generality
in their mathematical background, being applicable to any structure, not only
cable-stayed bridges.

3. If inelastic demand of the cable-stayed bridge is expected, the direct integra-
tion of the system of dynamics is the most rigorous methodology, but the
computational time associated is overwhelming and completely discouraging
in the design stage of the structure. Advanced nonlinear static pushover ap-
pears as the most reasonable solution for the analysis of cable-stayed bridges
in nonlinear range during the design phase; the CPU time to complete the
set of 12 records may change from one week in direct dynamics to less than
ten minutes in pushover analysis, whereas the errors introduced in comparison
with the rigorous procedure are typically below 20 %. Notwithstanding, the
�nal design should be veri�ed with direct nonlinear dynamics, since important
errors may arise if the inelastic demand is large, which is the case in models
with lower diamond and reduced spans (200 m). The contribution of higher
modes has been found important and, therefore, pushover analysis should in-
clude this e�ect as purely elastic. Pushover procedures proposed by seismic
guidelines unacceptably under-predict the seismic response, in fact they are
not intended for the study of structures with such complex dynamics.

1More than 90 % of the total mass activated by the included modes.
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4. The proposed extension of modal pushover can improve the prediction of the
axial load, because it takes into account the simultaneous contribution of the
transverse and vertical components of the excitation vector in modes with
coupling between the transverse �exure and torsion of the deck, distinctive
in cable-stayed bridges. On the other hand, the coupled pushover developed
presents the ability to reduce even more the computational time because it only
requires one nonlinear static analysis, performed through the combination of
the governing modes in longitudinal and transverse directions, whereas the
results obtained are typically on the safe side, an undeniable advantage in the
seismic design of any structure.

Regarding the typological study of the elastic seismic behaviour

1. Studies considering independently the three components of the earthquake
have revealed that the transverse seismic response is the most demanding
direction in the towers, specially due to the force of the deck against this
element, hence the conclusion is applicable exclusively to bridges with similar
�oating connection, relating the towers and the girder only transversely. This
fact suggests the bene�t of seismic devices substituting the rigid transverse
deck-tower connection, which is actually the trend in the seismic design of
cable-stayed bridges (e.g. Rion-Antirion in Greece).

2. From the typological point of view of the towers, trying to cover in part the
lack of parametric studies in the literature, the following conclusions have
been drawn; (i) bridges with central cable arrangement present larger seismic
demands than analogous models with lateral cable-system, and are not rec-
ommended in seismic areas, unless special protective measures are considered;
(ii) towers with lower diamond, depending on its geometric con�guration, may
dangerously concentrate the seismic demand in this vital element, and the en-
gineer should design carefully the transition between sections in order to obtain
uniform distributions of the seismic demand along the tower, furthermore, the
lower diamond has been found to be detrimental for the performance of the
lower strut when distributing the reaction of the deck; (iii) by increasing the
main span, the stresses caused by the earthquake are decreased because of
the enlargement of tower sections; (iv) cable-stayed bridges located on soft
soil have a remarkably high seismic demand compared with the same models
founded on rocky soil, because of their great �exibility, the design of such
�exible structures on soft soils is, in principle, rather questionable; (v) the
support con�guration of the abutments plays an important role in the seismic
performance of the towers in models with moderate span lengths (200 - 400
m), if the rotation of the ends of the deck is released, then its transverse re-
action against the towers increases and stresses of the deck in the abutments
are lowered.
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3. The extreme reaction of the deck against the towers has been thoroughly
studied by means of full and simpli�ed cable-stayed bridge models, where the
cable-system has been removed in order to facilitate the parametrization and
cover a wider range of main spans, between 100 and 1000 m (each 10 m).
In bridges with main spans below 300 m, the transverse fundamental mode
governs the response, however the tune between the deck and the towers is
lost as the dimensions are enlarged, being successively dominant odd vibration
modes with higher order. As a general trend, bridges with sti� towers in
transverse direction (e.g. `Y'-shaped frames) record large seismic reactions of
the deck against this element in the range of long spans (above 500 m), on the
other hand, �exible towers (e.g. `H'-shaped), could be a�ected by important
reactions if the main span is moderate. The e�ciency of `A'-shaped towers
without lower diamond in the reduction of the seismic deck reaction above 300
m main span has been observed.

4. An analytical model based on Rayleigh's theory has been proposed in order
to predict the reaction of the deck exclusively from geometric and mechanical
properties of this element and towers, besides information about the earth-
quake. The results obtained are accurate enough to be employed in a pre-
liminary design stage, without de�ning the complete Finite Element Model of
the structure, and they are valid either for cable-stayed or suspended bridges,
since the analytical model has been developed ignoring the cable-system.

Regarding the inelastic seismic behaviour

1. From previous elastic analysis, many models exceeded the elastic limits. Valu-
able information was obtained by comparing this elastic response with the
one including material nonlinearities, highlighting the reduction of the peak
recorded seismic forces, specially in transverse direction (up to 75 %) and the
increase of the deformation, mainly in tension due to concrete cracking.

2. Based on energetic principles, a dissipation factor has been de�ned as an
attempt to summarize, with a scalar value, the spread of plasticity obtained
in the towers during the earthquake.

3. The improved response of `A'-shaped towers has been observed for moderate
main spans (below 400 m, above this threshold they are usually not economi-
cally competitive), since the cantilever-type response veri�ed in the anchorage
area of homologue inverted `Y' towers, and the consequent damage concentra-
tion, is avoided. Nevertheless, `Y'-shaped towers seem the preferred option for
large spans because there is enough space to design the inclined legs nearly
vertical and it ensures smooth transitions between slopes, which agrees with
current solutions in cable-stayed bridges over 500 m main span (e.g. Sutong or
Tatara bridges). On the other hand, `H'-shaped towers dissipate more energy
through hysteresis loops than analogous models without lower diamond, due
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to the increased number of strut-leg connections, where damage is concen-
trated; this e�ect is noticeable in models with main spans larger than 400 m.
It is noteworthy that cracking levels are large at several sections in the towers
of all the proposed cable-stayed bridges when the foundation soil is soft.

4. The inelastic demand in towers with lower diamond could be remarkably larger
than for models without this element, if sharp variations of the slope between
the inclined legs below the deck and the vertical pier are designed; more than
50 % of the seismic energy may be dissipated through structural damage,
far exceeding reasonable limits. The observed problems in towers with lower
diamond and short spans (the collapse was veri�ed in the model with central
cable arrangement on soft soil) have motivated an optimization study based
on the proposed dissipation factor and the eccentricity of the axial load at
the foundation level; in light of the results, the lower recommendable limit
of the vertical pier width in seismic areas should be 90 % of deck width,
ensuring smooth transitions of the slopes in the lateral legs of the towers,
even if the main span is moderate (say below 300 m). Lower diamond is
not per se inadvisable in seismic areas, but special care must be taken in
the design, de�ning smooth transitions between the sections and slopes of the
di�erent parts forming this element, avoiding sharp diversions in the axial load
path from the anchorage area to the foundation. With this premise, models
with lower diamond could present less structural dissipation than other tower
typologies.

Regarding the seismic devices

1. The tributary mass of the deck contributing to the transverse seismic response
of the tower has been studied in order to de�ne 2D models able to represent
accurately the transverse response of the full bridges. Larger main spans,
above 300 m, lead to reduced percentages of the deck a�ecting the tower due
to the free vibration between both elements, which is closely related to the
e�ciency of seismic devices connecting the deck and the lower strut of the
tower in transverse direction.

2. Prior to the de�nition of the seismic devices, the maximum allowable force in
dampers located between the deck and the tower has been obtained by means
of pushover analysis; the devices are prepared to yield (or to release pressure)
before signi�cant cracking along the tower is registered. Speci�c static analysis
have been conducted with several connections between the deck and the tower,
observing that it is recommendable to extend the welding plate along the whole
strut in yielding metallic dampers, or to connect the viscous dampers directly
to the strut ends, in order to avoid cracking of this area in advanced loading
stages. In this sense, the typical transverse deck-tower connection adopted in
constructed cable-stayed bridges, where the reaction of the deck is introduced
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alternatively to each tower leg, is not recommended in seismic areas due to
the tension which is exerted in the lower strut.

3. Yielding Metallic Dampers with triangular plates between the deck and the
tower have demonstrated to be very e�cient in the control of the seismic
response of bridges with main spans below 400 m; the collapse would be pre-
vented in the model with lower diamond and 200 m main span, however the
yielding metallic damper fails in that case due to low-cycle fatigue.

4. Shear Links have been de�ned in the central part of each strut in order to
improve the transverse seismic control of `H'-shaped towers with large spans
(600 m), where signi�cant structural damage and ine�ciency of dampers in
deck-tower connections have been observed at the same time. These devices
are intended to fail dominated by their ductile shear behaviour prior to the
damage of the tower; the design of short links with tubular sections pursued
this objective. Despite these elements are widely employed since decades in
building structures, and they have been already installed between the shafts
of the tower in San Francisco-Oakland Bay bridge, their design in the large
struts of cable supported bridges (either cable-stayed or suspended) is more
of a challenge due to the important axial load in the lower strut (which is
caused by the transverse reaction of the deck against the towers). Exhaustive
3D �nite element models have been de�ned to validate the ultimate rotation
capacity and cyclic loading stability of the proposed links, being the limits
prescribed by relevant codes. On the other hand, the axial - shear interaction
has been found negligible by employing these detailed models. Delving into
the results, the energy dissipated by plasticity in the tower is null and, as
intended, the tower remains completely elastic whilst the plastic dissipation
is absorbed by the shear links, specially the one located in the intermediate
strut.

5. Viscous �uid Dampers have been also explored as a possible solution for the
seismic control of cable-stayed bridges, adopting a con�guration inspired by
Rion-Antirion bridge, with two viscous dampers and one fuse restrainer de�ned
to meet both the maximum allowable force and the minimum required seismic
action to start the dissipation. Speci�c studies in models with 200 m main span
have demonstrated that very reduced velocity exponents in the macroscopic
behaviour of the damper could be detrimental for the global seismic response;
the optimal exponents range from 0.3 and 0.75 in the studied cases. The
results show an e�cient reduction of the seismic demand along the towers
in models with 200 and even with 400 m main span, but again not in large
bridges with main spans of 600 m.

6. All the studied strategies have been compared in terms of a proposed e�-
ciency factor which measures the reduction of damage in the tower due to the
installation of seismic devices, by employing the dissipation factor based on



306 Chapter 10. Conclusions and further studies

energy concepts (mentioned above). The e�ciency of devices connecting the
deck and the tower is clearly reduced with the tributary mass of the deck; this
con�guration is appropriate if the model has a main span below 400 m, but it
is questionable to control the tower in larger models (it may be used, however,
to improve the response of the deck) because the tributary mass of the deck is
negligible in comparison with the mass of the tower itself. Models with main
spans over 400 m and signi�cant inelastic seismic demand, like `H'-shaped
towers, are good candidates to be controlled by means of shear links in the
struts. The improved response of models with viscous dampers in comparison
with yielding metallic dampers is generally observed if both are disposed in
deck-tower connections.

10.2 Further studies

The seismic behaviour of cable-stayed bridges is a broad topic involving many spe-
ci�c aspects of earthquake engineering which need to be thoroughly addressed. The
present study has been focused on many essential parts of this picture, but obvi-
ously further research is required. The following items suggest the lines which may
be followed by future works:

• The expressions suggested to predict the fundamental vibration modes could
be enhanced in order to include important variables, like the width of the
deck or the boundary conditions, taking advantage of the parameterized mod-
els. The results should be compared with natural periods in real cable-stayed
bridges, obtained by means of monitoring systems.

• The proposed advanced pushover methods (both the extended modal pushover
and the coupled pushover) should be validated with more structures and larger
inelastic demands, by comparing their results with rigorous nonlinear direct
dynamics. Moreover, di�erent cases and foundation soils would be required to
verify the simpli�ed procedure in order to select the governing modes without
performing spectrum analysis (only including modal participation factors and
spectral accelerations).

• The relationship between the tributary mass of the deck and its extreme re-
action should be clearly established, which would lead to obtain analytical
expressions for the estimation of the percentage of the deck a�ecting to the
seismic response of the tower in transverse direction, without de�ning any
numerical model. This would allow the engineer to know �rst hand, among
other things, the expected e�ciency of the seismic devices and the most ap-
propriate strategies. On the other hand, the proposed analytical model for the
prediction of the extreme transverse reaction of the deck, although it yields
valuable results, may be cumbersome because of the large equations involved;
the contribution of each term in the proposed expressions for the generalized
sti�ness, and mass should be assessed in order to simplify them. Finally, the
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analytical procedure may be de�ned with more generality for di�erent bound-
ary conditions in deck-abutment connections (which have an essential e�ect
in the transverse reaction of the deck for moderate spans), including torsional
springs at these points with generic variable sti�ness.

• Continuing with the research on passive protection systems in cable-supported
bridges, studies about yielding metallic dampers with di�erent con�gurations
and speci�c steel characteristics to obtain appropriate hardening properties,
besides laboratory tests, would be welcomed by the scienti�c community. The
e�ect of the out-of-plane bending of shear links due to the torsional response
of the towers (specially with moderate spans in the case of `H'-shaped towers)
may be important and deserves speci�c studies. On the other hand, special
damper con�gurations along the towers may be explored in order to maximize
the relative displacements of the device; the modi�ed upper toggle assembly
located between the intermediate and upper struts is an appealing solution,
the proposal of the author is illustrated in �gure 10.1(a). On the other hand,
the in�uence on the proposed e�ciency ratio of pulse-like e�ects in near-fault
earthquakes should be studied, considering also the importance of the earth-
quake magnitude, closely related to its duration.

• Tuned mass or liquid dampers could be employed to control the response of
the towers (for example tuned liquid column dampers with ori�ces providing
extra-damping), particularly the ones in large span bridges, where dampers
in deck-tower connection seem ine�cient. Following recent research, where
the roof of a building or the deck of a bridge assumes the role of the vibrat-
ing mass in tuned dampers, the author proposes the tuning of the sti�ness
in the transverse connection between the deck and the towers so as to obtain
a giant and economic tuned mass damper, �gure 10.1(b) graphically presents
this proposal. Furthermore, this connection may be `intelligent', modifying
its properties to improve the response of the bridge depending on the seismic
input received, forming an active or semi-active protection system. Another
possibility which may be explored is the modi�cation of the distributed mass
along the cables (for example with di�erent covers), depending on their lo-
cation, to transform the cable-system in a set of dampers tuned to di�erent
frequencies of the structure; in this direction, the important e�ect of the cable
prestress in the cable-structure interaction has been already observed in this
thesis, being related to the vibration frequency of the cables.

• The spatial variability of the input ground motions, and its in�uence on the
e�ciency of di�erent control strategies with seismic devices, results appealing.
The study could include the location of dampers in di�erent con�gurations
along the whole length of the bridge, besides di�erent wave-propagation ve-
locities and incidence angles.

• The soil-structure interaction has been ignored in the present thesis, sup-
ported by the conclusions of several authors. However, other research works
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(a) Modi�ed upper toggle assembly

Mass

Tower

(deck)

Spring
(smart connection)

(b) Giant `intelligent' tuned mass damper

Figure 10.1. Proposals for the control of the towers in large cable-supported bridges.

disagree and suggest important e�ects caused by this phenomenon in cable-
stayed structures, specially if the surrounding subsoil is soft, therefore this
study deserves some attention. The comparison between the e�ciency of seis-
mic devices by including or ignoring the soil-structure interaction could draw
interesting conclusions.




